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ABSTRACT : This paper presents the general report of the TC204 session “Underground Constructions on Soft Ground” of the 18th
International Conference on Soil Mechanics and Geotechnical Engineering. A total of 27 papers were assigned for this session, they
were divided in six general topics and reviewed briefly in this report. Apart from the regular topics of the TC204, this session also
present three papers on rock tunnelling. This report is intended to provide a general view of the papers of the TC204 session.
However, for a better understanding of the presented contents, the readers are encouraged to look for the complete papers in the
proceedings.
RÉSUMÉ : Ce document présente le rapport général de la session TC204 "Travaux souterrains en sol meuble" du 18e congrès
International de Mécanique des Sols et de Géotechnique. Au total, cette session comporte 27 communications, qui ont été réparties en
six thèmes généraux et sont brièvement analysées dans le présent rapport. Outre les thèmes du comité TC204, cette session présente
également trois communications concernant les tunnels au rocher. Ce rapport est destiné à fournir une vue d'ensemble des
communications de la session TC204. Pour une meilleure compréhension des contenus présentés, les lecteurs sont encouragés à
consulter les articles complets dans les comptes-rendus.
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INTRODUCTION

Underground constructions have been one of the most
challenging endeavours of engineering for centuries. The effort
of researchers and engineers has given the society the
opportunity to explore the full potential of the underground
space in any geological conditions preserving the surface
structures.
The papers for the TC204 session “Underground
Constructions on Soft Ground” on the 18th ISSMGE conference
show the on-going development of this broad field, covering
several important topics, proposing solutions for different
problems and tracing the way for future research.
A total of 27 papers from 13 nations have been located in the
TC204 session. Figure 1 illustrates the number of papers
submitted per nation.
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Figure 1. World Map indicating the number of papers submitted per
member society.

It is also remarkable to note that some countries did not send
papers for the TC204 session, although these countries have a
tunnel tradition and still a number of projects running: Brazil,

Iran, India, UK, and USA. Despite the TC focus on
Underground Constructions in Soft Ground, the ISSMGE
Conference session also presents some cases for underground
constructions in rock.
The papers were divided in six general topics as follows:
1. Underground Constructions in Soil (9)
2. Mitigation Measures (7)
3. Tunnel Maintenance and Instrumentation (3)
4. Rock Tunnelling (3)
5. Seismic Analysis of Tunnels (3)
6. Construction Techniques (2)
2

UNDERGROUND CONSTRUCTIONS IN SOIL

This topic gathered nine papers that had a general view about
tunnels constructed in or based on soil. Discussions about soft
soil deposits, twin tunnel interaction, stress arching in trenches,
analytical stability methods, assessment of surface settlements,
wearing of TBM tools, cavity formation around underground
structures and even immersed tunnels are presented.
Rangel-Núñez et al. in their paper “Performance of the
tunnel lining subjected to decompression effects on very soft
clay deposits” present a case study of tunnel excavated with a
Tunnel Boring Machine (TBM) in the Mexico City soft clay.
The study evaluated the particular case of the Eastern Emitter
Tunnel where a channel was dredged above the tunnel
alignment and the unloading reactivated pre-existent semivertical cracks in the clay deposit. These cracks were identified
visually during the construction of a shaft near the channel and
were an indication of the unloading of that zone. Piezocone tests
confirmed that, as the measured coefficient of earth pressure at
rest was three times smaller near the channel compared to the
value at some distance from the channel.
Instrumentation of the tunnel revealed an increasing rate of
lining displacement after a dredging procedure at the channel
above. A multistep Finite Element Analysis (FEA) was carried
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out to evaluate if this anomalous behaviour could be attributed
to the reactivation of the cracks. The modelling methodology
achieved great results with lining displacements of the same
order of magnitude to the in-situ observations. Figure 2 presents
the convergence of a lining section below the channel that was
dredged, however the authors of the general report believe that
the division entitled “Beginning of the lining stability” was
intended to state instability.

foundation, to the closest side of the tunnel, as displayed in
Figure 4.
Li et al. in their paper “An evaluation of influence factors
that affect pressures in backfilled trenches” present the case for
a rational approach to the design of conduits buried in trenches.
The assessment of the vertical stress on the conduit based on
analytical solutions may result in a underestimated value. A
numerical analysis with FLAC was performed to reveal the
relative importance of each soil and geometric parameter on the
vertical stress distribution on the conduit. The results indicate
that the geometric layout of the trench and the soil resistance
parameters are the most influencing factors. It would have been
of great value if these data were compared to the existing
analytical solutions.

Figure 2. Ring 671 time evolution of deformation (after Rangel-Núñez
et al.).

In their paper “Design of tunnel lining in consolidating soft
soils”, Rodríguez-Rebolledo et al. study the effects of
consolidation on the lining by a series of FEA. The Mexico City
valley is affected by an on-going regional subsidence process
associated to intense pumping of water from the aquifer below
the urban area. This process is locally combined with the
consolidation due to the excess of pore pressure generated by
the excavation of the tunnel and installation of the primary liner.
A multistep FEA was performed and several tools to account for
plastic flow of lining, joints and interfaces were applied. The
results indicate a very unfavourable condition for the final
lining, with vertical loading and horizontal confinement loss.
Shahin et al. combine 1:100 centrifuge model tests with 2D
FEA to analyse the excavation of twin tunnels with different
relative positions and the excavation of a single tunnel beneath a
strip and a pile foundation. Their study is entitled “Rational
interpretation of tunnelling considering existing tunnel and
building loads”. The results calculated with the modelling tools
applied and the elastoplastic subloading tij constitutive model
are in remarkable agreement with the centrifuge model tests.
The relative position of the twin tunnels influences the surface
settlement magnitude as well as the region of intense shear
strain that occurs between the two tunnels, as displayed in
Figure 3 for the condition of diagonal alignment.

Figure 3. Observed and computed strain distribution with diagonally
located tunnels (after Shahin et al.).

The presence of a building load above the tunnel excavation
shifts the settlement trough from the tunnel line to the load line.
In terms of strains distribution the study revealed the occurrence
of a shear band from the building load, either for strip or pile

Figure 4. Observed and computed strain distribution for a tunnel
beneath a piled foundation (after Shahin et al.).

Kobayashi and Matsumoto present an upper bound limit
analysis solution in their paper “On the stability of a trap door
evaluated by upper bound method”. A typical roof failure
situation is analysed with a parabola-shaped loosened soil zone,
falling down vertically. The solution is displayed in design
graphs. With these graphs it is possible to depict at what
conditions the trap door is stable without support as well as the
increase in the arching effect in case of narrow conditions.
Mazek and El Ghamrawy use data from The Greater Cairo
metro for a thorough comparison of different surface
settlements prediction methods. The results are presented in
their paper “Assessment of empirical method used to study
tunnel system performance”. The study discussed that the
empirical method proposed by Peck and Schmidt (1969) is
unable to properly differentiate distinct sand conditions. An
elastoplastic constitutive model with the elastic modulus as a
function of the confining stress was employed in 2D FEA and
resulted in a good agreement between FEA predictions and field
measurements for different sand conditions, from loose to very
dense sand, which is remarkable since the with FEA calculated
troughs are usually too wide.
Köppl and Thuro propose a model for rational planning of
hyperbaric interventions to change cutting tools of Mix-Shield
TBMs that would avoid critical geological zones and reduce
unnecessary intervention costs, as discussed in their paper
“Cutting tool wear prognosis and management of wear-related
risks for Mix-Shield TBM in soft ground”. 18 TBM drives were
analysed in terms of soil conditions and TBM characteristics in
order to develop the empirical model for the service life of the
cutter tools.
The results could not achieve a reliable correlation of one
individual soil parameter to the wearing of the cutting tools.
Therefore, the hardness of the soil, the stress at the contact
surface and the shape parameter of the soil components were
combined in a new parameter called Soil Abrasivity Index
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(SAI). A non-linear relation between the SAI and the maximum
serviceable cutting distance for the cutting tools was achieved
and it is displayed on Figure 5. A linear relation was found
between the ratio of the covered cutting distance over the
maximum cutting distance and the ratio of number of tools to be
changed in each intervention over the total number of tools in
the TBM cutter head.

The papers in this topic went through several possible
conditions were the soil behaviour has to be assessed and
predicted for a proper design and construction of an
underground facility. Köppl and Thuro properly discussed the
importance of a proper selection of collected data for an
empirical method. Shahin et al. showed us how the combination
of a powerful constitutive method, with properly assessed
parameters, with a model test can confirm the predictions of
tunnels in special conditions.

Figure 7. Stress distribution of the bottom a foundation trench section
(after Xie et al.).
Figure 5. Correlation of the Soil Abrasivity Index (SAI) and the cutting
distances of disc cutters (after Köppl and Thuro).

Sato and Kuwano in their paper “Effects of buried
structures on the formation of underground cavity” present
several model tests to investigate the consequences of an
unfavourable water flow condition around buried structures.
Such a flow may lead to an underground cavity and eventually a
surface collapse. The observations suggest that the loss of
confinement near the buried structured would increase local
permeability and therefore the water flow around that area.
Xie et al. present a thorough analysis of induced settlements
from immersed tube tunnel (IMT) on deep soft subsoil, as stated
by the title of their paper: “Subsoil settlement feature of
immersed tube tunnel in deep soft subsoil with heavy siltation
in open sea”. The study is based on the project of the Hong
Kong-Zhuhai-Macao Link that comprises a bridge that will be
more than 35 km long and a 6 km long IMT (Figure 6).

Figure 6. Location of Hong Kong-Zhuhai-Macao immersed tunnel (after
Huang et al.).

Based on on-site CPTU test results and in-situ bored soil
samples numerical modelling was performed to investigate the
stress-path of the subsoil during and after construction of the
IMT. To confirm the results tests were run in a geotechnical
centrifuge to measure and analyse the whole process of
consolidation, excavation, tube location, backfilling, siltation
and re-excavation of channel.
The results indicate that in the process of excavation and
backfill recompression, the stress and settlement distributions
bellow the tunnel cross-section have a saddle-shape, as shown
for the stresses in Figure 7. The measured settlement differences
between the cross section and the longitudinal direction of the
tunnel are small, as expected.

3

MITIGATION MEASURES

Seven papers were classified under this topic, the first three
papers presented are about controlling deformations and
ensuring stability of tunnels in special conditions, the other four
papers are about surface settlements mitigation. The studies
were based on real cases, numerical modelling and full scale
field trials.
Aguilar et al. in their paper “Diametric deformations in the
concrete segment lining of a tunnel excavated in soft soils.
Criteria for their evaluation and mitigation actions for their
control” present a graph (Figure 8) divided in five different
zones based on the relation of the percentage of horizontal
diameter increase to the time after the lining installation as a
criterion for the mitigation measures recommended to ensure
stability of the pre-cast reinforced concrete segmented rings that
compose an 8.7 m diameter tunnel.
Each zone has specific recommendations for mitigation
actions. For example, if the measurements reach zone 3 it is
recommended that the ring’s annular space is re-injected. Figure
8 shows the five different zones of intervention and three sets of
measurements of horizontal diameter increase on different
tunnel sections, the numbers at the end of the lines denote the
section number of the tunnel lining. Note that one of the
measurements resembles the measurement presented by RangelNúñez et al. There the consolidation caused the deformation,
see Section 2, and reinjection is probably not the solution. The
authors of the GR expect that for the situation of consolidation
it is better to use the metallic frames in an earlier state.
Chang et al. in their paper “Application of ductile segments
to tunnels in close proximity” analyse the mechanical behaviour
of twin tunnels and the use of ductile segments to sustain the
unfavourable stress conditions. The case of the Taipei MRT
project, where a distance of 1.5 m occurred between twin
tunnels, is presented. From 2D numerical analyses a vertical and
lateral stress increase, as high as 50%, was calculated for the
first tunnel during the excavation of the second one. This sort of
behaviour was also observed with the automatic monitoring
systems during the tunnel construction. The first tunnel lining
went through a 70% increase in the bending moments and a
30% increase in the axial forces. The ductile segments are
described as lining systems of favourable ductility and
anticorrosion features. The analysis revealed that the ductile
segments were able to resist the final stress conditions, where a
precast reinforced concrete segment would have failed.
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Figure 8. Time evolution of the horizontal diameter of three different
ring sections over the proposed diagram for deformational control of
tunnel segments (modified from Aguilar et al.).

Fang et al. in their paper “Construction of a cross passage
between two MRT tunnels” defend the concept of several
defence measures against water inflow in tunnels under high
water head as the only reliable approach. They report the
construction of a cross passage between two shield tunnels for
the construction of Tu-chen Line of Taipei Rapid Transit
Systems. Both jet grouting and chemical grouting were
performed to ensure the construction safety under the 26.7 m of
pressure head acting on the site. Water-leak tests were
conducted, since any crack in the waterproofing system could
cause major losses in the project.
Kummerer and Sciotti report how two compensation
grouting works were performed to mitigate TBM induced
settlements for structures founded on shallow and deep
foundations in Rome. Their paper “Compensation grouting with
shallow and deep foundations – case study from the metro B1 in
Rome” describes how a full scale field trial was performed, for
the piled foundation and the footing, in order to properly design
the real interventions. Shafts constructed with soilcrete jetgrouting, for the lateral wall and the sealing slab, enabled the
TAMs (Tubes a Manchette, the tubes by which the grout is
injected) to be installed with Horizontal Directional Drilling
technology. Figure 9 shows a schematic cross section of one of
the buildings with a piled foundation close to Ionio Station with
a TAM to pile distance of only 1.65 m, as obtained from the
figure.
It was reported that no significant settlements were measured
during the drilling operations. The water tightness of the shaft
was assessed with pumping and thermal leakage tests, as the
water table was just a few meters below the surface. The
measured settlements were significantly below the tolerable
values and confirm the efficiency of the compensation grouting
technique both technically and economically both for shallow
and deep foundations.
Cui and Kishida in their paper “Effect of pre-ground
improvement method during shallow NATM tunnel excavations
under unconsolidated conditions” analyse the layout of ground
improvement prior to tunnelling for shallow NATM tunnels in
Japan. This surface intervention creates a soil-cement mixture
above the tunnel crown. 2D FEA were performed based on the
tij constitutive model and indicated that surface settlements can
be prevented by adopting the pre-ground improvement method,
and that the method becomes more effective as the improved
area becomes larger (Figure 10). The influenced area due to the
tunnel excavation becomes narrow as the reinforcement zone
intercepts the shear band generated by the tunnel excavation.

Figure 9. Schematic cross section for TAM installation close to a piled
foundation at ‘Ionio Station’ (after Kummerer and Sciotti).

Figure 10. Analysed patterns for the ground improvement profile (after
Cui and Kishida).

Ilyichev et al. presented the paper “Building deformations,
induced by shallow service tunnel construction and protective
measures for reducing of its influence” where empirical
equations were derived from in-situ measurements of shallow
shielded utility tunnels in Moscow to assess surface settlements
and building deformations above the tunnel. The results are said
to enhance the deformation estimates when in comparison with
empirical methods for deep tunnels, but probably only for the
local conditions in Moscow.
Petrukhin et al. in their paper “Refurbishment and
underground space development of Moscow P.I. Tchaikovsky
conservatory” present the case study of an historical building in
Moscow in which underground service ducts had to be
excavated without disrupting the building structure. An
interesting assessment of the existing foundation and it’s
structural integrity allowed the protective measures to be
analysed and planned in a reliable way, taking into account the
real conditions in which this old structure was founded.
The papers presented in this topic show how it is always
possible to build underground structures with safety for both the
construction and the surface utilities. Kummerer and Sciotti
show that full scale field trials are sometimes necessary for a
proper design of mitigation measures and how they increase the
efficiency of the actual intervention.
Cui and Kishida presented an analysis of the mechanism of
reinforcement in terms of stress and strain mobilization. This
enables a rational understanding of what are the most important
parameters for the design of this type of pre-ground
improvement method.
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4

TUNNEL MAINTENANCE AND INSTRUMENTATION

Three papers were assigned to this topic. The first paper
presents the general concept of inspection routines on
underground structures. The other two papers are about specific
instruments for monitoring tunnels.
In their paper “Engineering inspection and supervision of
tunnels and underground stations of urban metro systems”,
Katzenbach and Leppla describe the negative effects of the
lack a proper regulation for inspection of underground
constructions. Both the general stability of the structure and the
life cycle costs are jeopardized without a proper inspection
routine. A concept with four different categories of inspection
was developed and applied to the Frankfurt am Main metro
system. Definitions of insufficiency and defect were stated and
put together to generate a grade for the underground
construction at the end of each inspection. The experience
shows that the defined modalities and continuous procedures
guarantee a sustainable preservation of the underground
structures by early identification of insufficiencies and defects.
Figure 11 presents an example of what was classified as the
main inspection of a tunnel.

Gay et al. present a part of a project to evaluate the
constructability and safety of cell preparation tunnels for
radioactive waste storage on Callovian-Oxfordian clays, in their
paper “Monitoring and Instrumentation of demonstrators
storage cells (CMHM)”. A set of innovative instruments were
designed to monitor these 40 m long, 0.7 m diameter prototype
tunnels. The devices enabled video footage associated with a
geo-referenced trajectory and optical zoom to detect cracks of
one tenth of a millimetre. Measurements of convergence,
temperature and relative humidity of the tunnel were also
recorded.
The metallic liner was also instrumented to obtain local and
distributed strains, temperature and relative humidity. For that a
series of laboratory tests was conducted to control the behaviour
of different optical fibres under mechanical and thermal
variations. Experiments are underway to simulate the presence
of waste CMHM packages, by thermally loading the tunnels to
90 °C. The results obtained until now show a great performance
of the instruments and could detect intriguing behaviours as
anisotropic convergence of the tunnels. A schematic drawing
and a picture of the convergence measurement device are on
Figures 13 and 14.

Figure 13. Overview of the device to measure the tunnel convergence
(after Gay et al.).
Figure 11. One of the procedures for a main tunnel inspection (after
Katzenbach and Leppla).

Huang et al. present another study of the Taipei Mass Rapid
Transit (MRT) in their paper “Field monitoring of shield tunnel
lining using optical fiber Bragg grating based sensors”. A strain
monitoring instrumentation system was employed to confirm
semi-empirical designs and to monitor especially problematic
zones of the tunnel. Optical fibre was used to assess the strain
evolutions from the start of the concrete pouring of the segment
and to obtain results without disturbance by electromagnetic
interference.
The optical fibre Bragg gratings (FBG) were installed in the
centre of the reinforcement bars (Figure 12) and the readings
were recorded from pre-cast concrete section production until
installation and operation. The continuous readings enable the
analysis of the lining reaction to each construction phase. The
record also showed a strain fluctuation during the tunnel
operation that was associated with variations in the internal
temperature of the tunnel.

Figure 12. Placement of optical fiber in the reinforcement bar (after
Huang et al.).

Figure 14. Picture of the device, inside the tunnel, to measure the tunnel
convergence (after Gay et al.).

The papers in this section present important messages for the
session. It is important that we enhance our design concept of
underground constructions beyond construction and early
operation. Accounting for the life cycle and associated costs of
the underground space, we can ensure technical and financial
feasibility of the whole service life of the structure. The paper
from Katzenbach and Leppla present a sight to that matter.
Huang et al. and Gay et al. remind us that is always possible
to confirm design predictions for empirical designs and special
tunnel conditions by measurements. Most important it shows
how important it is to properly describe how field
measurements are obtained, which instruments were used and
how, so that the instrument’s associated shortcomings and
advantages are accounted for in the data analysis.
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5

ROCK TUNNELLING

This topic gathered three papers of underground structures
excavated in different types of rock. Stability of underground
structures with different geometries and with account for postpeak strength degradation is presented. An empirical method for
the prediction of TBM penetration rate is also presented.
Görög et al. perform several numerical analyses with four
different codes of underground cellars beneath the city of
Budapest, in their paper “Stability analyses of underground
structures cut into porous limestone”. The results focus on
admissible surface loads, grouting and enlargement of a tunnel
and interaction of different cellar systems, as in Figure 15. The
restrictions and capabilities of each modelling tool are depicted
and analysed in the results and conclusion.

roof settlements can be three times larges when accounting for
post-peak strength degradation.
Martins and Miranda in their paper “Prediction of hard
rock TBM penetration rate based on Data Mining techniques”
apply artificial neural networks (ANN) and support vector
machine algorithms (SVM) on a database of rock properties and
TBM penetration rate (ROP) to evaluate the relative impact of
each rock parameter on the ROP. The artificial neural network
algorithm resulted in more accurate predictions, as it can be
seen in Figure 18. For this database that only included fractured
rock masses, the PSI parameter that quantify the brittleness and
toughness of the rock was the most influential parameter. On
the other hand the uniaxial compressive strength was the least
influential one. On a rock mass with less joints and faults one
could expect a different scenario.

Figure 15. Mean stress distribution around the interacting cellars
(modified from Görög et al.).

Hsiao and Chi in their paper “Effect of brittle failure on
deep underground excavation in eastern Taiwan” investigate
how post-peak strength degradation of metamorphic hard rock
in Taiwan can affect deep tunnelling behaviour. The case study
of a twin-hole tunnel with an excavation span of 12.5 m was
studied with a finite difference package.
The study evaluated the tunnel at two different depths, 500
and 1000 m, and the rock mass by two different models, the
Hoek-Brown model and the Hoek-Brown with the post peak
degradation model of Cundall et al. (2003). A subroutine was
created to account for the strength loss parameter as a function
of the confining stress, adjusted from several tri-axial
compressive tests (Figure 16).

Figure 17. Correlation between the strength loss parameter and the
normalized confining stress for the marbles in eastern Taiwan (after
Hsiao and Chi).

Figure 18. Comparison between the measured and predicted ROP for
the ANN and the SVM models (after Martins and Miranda).

Figure 16. Typical stress-strain curves of triaxial tests under different
confining stresses from the marbles in eastern Taiwan (modified from
Hsiao and Chi).

This model diminishes the peak parameters by a factor of (1β), β being the strength loss parameter that decreases with
increasing 3/c as in Figure 17.
The analyses show that the increase in tunnel deformations
due to deeper excavation is more pronounced when the
evolution of post-peak strength degradation with confinement
loss due to tunnelling is accounted for. With a 1000 m depth the

A reader of this topic that is mostly familiar with soft soil
tunneling will be able to take a brief look at the challenges and
interesting approaches that pervade rock tunneling. A solid
study of constitutive modeling for special rock conditions is
given by Hsiao and Chi, in the general rock mechanics sense
and applied to tunnel case studies.
6

SEISMIC ANALYSIS OF TUNNELS

Three papers were classified under this topic. Analytical models
and numerical models were derived based on in situ testing,
model tests and real cases. There are also some interesting
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points over the short comes of design codes when it comes to
seismic forces.
Tohda et al. in their paper “An elastic continuum model for
interpretation of seismic behaviour of buried pipes as a soilstructure interaction” propose an analytical method for 2D
analysis of buried pipes under seismic action, modelled as a
simple shear action due to an earthquake. The objective was to
overcome the current design code methodology that
recommends the use of the seismic deformation method, based
on spring models. This method assumes a governing stand for
the tangential stress in the seismic behaviour.
The results were compared with the proposed model
predictions with the results of a series of centrifuge model tests,
as in Figure 19, confirming the validity of the analytical model.
The results indicate that in most cases the tangential stress is
almost null. The proposed model gives a rational interpretation
for the seismic soil-pipe interaction with a proper account of the
main stress components.

Development of an analytical model, when confirmed by
experimental data as in Tohda et al., is of great value for daily
engineering practice.

Figure 20. Comparison of the time history of axial force at one cross
section of the immersed tunnel obtained by the RDM and the MRDM
(after Huang and Liu).

7
Figure 19. Comparison between measured and analytical results of
normal and tangential stress and bending moment (after Tohda et al.).

Huang and Liu present a new modified response
displacement method (MRDM) in the frequency domain, in
their paper “Fast frequency-domain analysis method for
longitudinal seismic response of super long immersed tunnels”.
The method is based on the theory of dynamic elastic Winkler
foundation beam and is applied to analyse the longitudinal
seismic response of a sea-crossing immersed tunnel between
Hong Kong, Zhuhai and Macao (HZM) in China, as in the paper
from Xie et al..The proposed method considers the inertia of the
tunnel, soil-tunnel interaction parameters and the dependence of
dynamic stiffness coefficients on external loading frequency.
The results are compared to the regular response displacement
method (RDM), as in Figure 20. The HZM tunnel was modelled
by 253 particles and the results indicate that the deformations of
joints at both sides of the tunnel are much larger than those in
the middle of the tunnel, which is analogous to that of the axial
force. Nevertheless excessive tension and compression will not
occur under proper design of segment joints.
Botero et al. in their paper “Effect of the subsoil conditions
in the seismic interaction between two underground stations
connected by a circular section tunnel” study a 50 year horizon
of a 9 m diameter tunnel section connecting two metro station at
about 22 m depth. They considered the seismic environment of
the region scaled by the construction code of Mexico City. The
present soil parameters as well as the prediction of their time
evolution due to regional subsidence were evaluated in terms of
CPT tests and empirical correlations to estimate the shear wave
velocity. The results of a 3D finite difference numerical
modelling indicate that only after 30 years the effects of the
effective stress changes will present a considerable increase in
the tunnels displacement and stresses. This would enable a
better planning of future interventions and maintenance of the
tunnel structures.
The papers present the challenges of the very complicated
and potentially hazardous phenomena of earthquakes.
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CONSTRUCTION TECHNIQUES

Two papers were assigned to this topic. They present an
evaluation of the selection procedure for construction methods
and a new construction technique called modular approached
tunnelling.
Yang and Yoo in their paper “Case studies of applicability
for selection of construction method for highway underground
crossing transit on the deposit soils in urban project in Korea”
present a case history of the construction of a low depth road
tunnel under a highway in Korea were the ground conditions
were worse than predicted and remediation measures were
necessary.
This case study underlines the argument that a rational
guideline for the selection of the optimum construction method
for an underground project is needed. Such a guideline would
enable predictions of possible construction problems and
improve the reliability of the financial budget. They also defend
the case that design standards should specify the retention
period of history files of structures, a standard coded system for
underground failure types and a mandatory reliability analysis
for geotechnical data assessment.
Komiya presents an analysis of a new construction method
called modular approached tunnelling in his paper “Finite
element modelling of construction processes of the modular
approached tunnelling method”. This method was developed to
construct large scale tunnels for cross passages. The method
consists of a cycle of small mechanized excavation followed by
box-module insertion to form a lining frame in the soil that will
sustain the excavation of the soil within the frame.
The process was analysed by modelling a real case in soft
cohesive soil in Tokyo by 3D FEA (Figure 21). The mesh of the
numerical model was updated at each time step and fictional
elements to represent the cutting face of the TBM were
employed.
The expected settlement of the numerical model was larger
than the measured value, as in Figure 22, but the shape of the
computed settlement trough at the top of the lining frame was
similar to the measured results.
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Not all papers present the conditions for which the results
and data analysis have to be depicted, as numerical method,
mesh conditions, boundary conditions, calculation steps,
numerical tools, model preparation procedures, adopted model
scale, in flight actions etc. This complicates the application of
the results in other studies.
Also the procedures currently employed as the official and
correct tools to account for the underground construction related
phenomena have to be described with the details. For example,
the β method for 2D finite element analysis of tunnel
construction that diminishes the excavation contour stress in
steps. The β value as well as how it was estimated or calibrated
should always be stated in the paper.
When more refined modelling procedures are used, even
more effort should be put in to properly explaining the steps and
boundary conditions of the model. For example, in hydromechanical analysis the initial conditions and especially how
the hydraulic and mechanical equilibrium equations are solved
radically affect how the results should be analysed.
The same lack of detailing can be said for the full scale or
real case monitoring. As presented in the monitoring topic, the
type of instrument, how and when it was installed, and how and
how often it was measured completely defines the range of
validity and reliability of the displayed results.
We expect that the this TC 204 session can bring significant
contributions to the underground space research and practice
fields, so that the important advantages of the use of the
underground space for our cities can be fully exploited and not
limited by our technical capabilities.

Figure 21. Three dimensional finite element model (after Komiya).

Figure 22. Vertical displacement against the evolution of the boxmodule construction (after Komiya).

The development of new construction techniques often raises
doubts about the expected settlements and stress conditions of
the structure. Numerical modelling and real cases monitoring, as
in Komiya, assist the general engineering practitioner to better
understand and trust the method.
8

CONCLUSIONS

This report presented an overview of the papers submitted for
the TC204 session of the 18th International Conference on Soil
Mechanics and Geotechnical Engineering. The papers covered
several aspects of “Underground Construction in Soft Ground”
and also some topics on rock tunnelling that were assigned to
this session. The 27 papers were divided in six general topics
and reviewed briefly.
The comments on this report are an image of the information
displayed on the papers, the validity of the results and
conclusions are responsibility of the authors of the papers. The
board of the TC204 committee would appreciate the
cooperation of all member societies were underground works
are going on at the moment, no paper was submitted from South
America, Eastern Europe, Africa, Middle East, Oceania, South
and Southeast Asia. We would like to invite the member
societies from these regions to take a more active part in the
committee activities.
It is difficult to compare the papers with the papers presented
in Alexandria 4 year ago, because by then the papers were in
different themes. However, looking at the titles comparable
subjects are dealt with than 4 years ago. There are new
developments in underground construction: optical fibres are
used more than is suggested from the one paper presented here,
the increased computational power has led to complicated
numerical models (FEM and DEM) to simulate the various
interactions that play a role in underground construction and
allows probability analyses using these models. These topics are
already quite common on specialist conferences on underground
construction and probably will appear in the next general
conference.
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Diametric deformations in the concrete segment lining of a tunnel excavated in soft
soils. Criteria for their evaluation and mitigation actions for their control
Déformations diamétrales dans le secteur du béton revêtement d'un tunnel creusé dans les sols
mous. Critères de leur évaluation et des mesures d'atténuation pour leur contrôle
Aguilar M.A., Valencia J.D., Schmitter J.J.
Ingenieros Civiles Asociados

Auvinet-Guichard G.

Instituto de Ingeniería, UNAM

Rangel-Núñez J.L.

Universidad Autónoma Metropolitana, Azcapotzalco
ABSTRACT: A criterion is presented for the evaluation of diametric deformation that occurred at the initial support of a tunnel
formed by pre-cast concrete segmented rings, placed in a very soft and high compressibility clay medium. This criterion is presented
on a working graph, which involves the time factor with respect to the deformation rate, for several percentages of the diametric
deformation, with respect to the initial diameter of the concrete segment lining. With available information it is possible to draw a line
on the working graph and, depending on its particular location, it is possible to define the recommended mitigation action to be
followed: only a continuous topographic monitoring if diametric deformations are minimal, additional grouting stages around the
concrete segmented rings if they are more pronounced, or additional internal reinforcement structural systems if they seem dangerous
for the lining’s stability.
RÉSUMÉ : On propose un critère d’évaluation de la déformation diamétrale du revêtement primaire d’un tunnel constitué de
voussoirs préfabriqués et construit dans un sol mou et compressible. Ce critère est représenté sur un graphique de travail qui fait
intervenir le taux de déformation pour et les pourcentages de déformation diamétrale par rapport au diamètre initial du revêtement
primaire en voussoirs de béton. Les données disponibles permettent de tracer une ligne sur le graphique et en fonction de sa position
de recommander les mesures de contrôle à prendre : un simple suivi topographique si les déformations sont faibles, des injections
complémentaires autour du revêtement primaire si elles sont plus importantes ou un renforcement interne au moyen de structures
adaptées si les déformations semblent indiquer un danger pour la stabilité du revêtement.
KEYWORDS: tunnel deformation, control strategy, lining’s stability, soft soil, tunnelling.
1

INTRODUCTION

The case history is presented of a tunnel for the transport of
residual water from Mexico City, with an excavation diameter
of 8.70m. Its initial support consists of concrete segmented
rings with exterior and interior diameter of 8.4 and 7.7m
respectively, and 1.5m wide (6 pieces plus wedge).
During construction of the tunnel with an earth pressure
balance (EPB) tunnel boring machine in very soft and highly
deformable clayey soils of the Valley of Mexico, the periodic
measurement over time was carried out of the interior horizontal
and vertical diameters of each ring, recording their differences
regarding their initial reading, at different dates, observing that
the deformational behavior of their initial support depends
substantially on the geotechnical properties of the materials it
goes through, on the natural actions that occur in its
neighborhood, such as soil “drying” and posterior “saturation”
due to the effects of the absence or abundance of rain, and
mainly due to the medium’s own compression. Therefore, it is
considered that the stability of the segmented rings that form the
tunnel’s initial support depends basically on the compression it
receives from the neighboring soil where it is being built, and in
particular on the differences in the value of the compression’s
components, horizontal and vertical. If for reasons inherent to
the subsoil itself the difference between horizontal and vertical
pressures is critical, for example when the horizontal
component tends to cero, notable deformations are induced on
the lining, which start with sudden increments of the
deformation speed. Therefore, in case the increments are
observed on the lining’s diametric deformations, it is necessary
to adopt control and mitigation measures, to thus avoid
problems in the tunnel’s structural stability.

A graphic criterion is presented in this document, to evaluate
the deformational behavior shown by the segmented rings of the
tunnel’s initial support, and the corrective measures that were
applied to achieve its stabilization.
2

DEFORMATIONAL BEHAVIOR OF THE SEGMENTS

The initial support of a tunnel excavated with an EPB machine
in clayey soil of very soft consistency, and lined with
segmented rings of reinforced concrete, is a classic example of
“soil/structure” interaction, because without the segmented
rings the hollow excavated by the tunnel boring machine would
not be kept open and without the compression provided by the
adjacent soil, the mentioned rings would not even support their
own weight. The relative flexibility the segmented rings have in
principle allows them to adjust conveniently to horizontal and
vertical pressures induced on them by the neighboring terrain,
with acting pressures being redistributed, the horizontal and
vertical adjustment of their diameters as their answer, which in
general tends to stabilization, without any major transcendence.
As part of the segmented ring’s deformational control, a
periodic horizontal and vertical measurement of the diameters
of each ring is carried out, the first reading being the one
recorded when the ring is recently placed within the boring
machine’s shield, which is what the tunnel is excavated with. As
result of these periodic measurements, it has been observed that
the tunnel’s initial support has various deformational behaviors
that are linked mainly to the type of terrain it is in, and to the
extraordinary events that occur in its neighborhood. It is
important to point out that the largest segmented ring
deformation occurs just when the ring leaves the shield, because
it enters into contact with the natural terrain and receives the
injection of mortar on its outer surface.
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Although the general tendency of an initial support is toward
its eventual stabilization, in the Valley of Mexico, for example,
there are geotechnical zones of peculiar behavior, where subsoil
tension cracks appear that are associated to superficial drying
phenomena, and significant regional subsidence generated by
the overexploitation of aquifers that exist in the subsoil. Further,
the presence of channels that carry residual waters in the
vicinity of a tunnel under construction can provoke significant
changes on it due to the state of surrounding stresses, and
eventually on its k0 relation if, for example, dredging maneuvers
are carried out on the channels, or if materials are loaded on
their borders.

opportune mitigation measures that will allow reaching their
desired stability, as was the case that occurred along a section of
the drainage tunnel this work refers to.
Table 1. Deformational control and mitigation measures
Horizontal
Deformational
diameter
Zone
Mitigation action
behavior
deformation
(%)
1

Optimal,
with
marked tendency
to stability

0.0 to 0.5

3 GRAPHIC CRITERION TO IDENTIFY THE
DEFORMATIONAL BEHAVIOR OF A TUNNEL’S
SEGMENTS

2

Slightly less than
optimal but with
marked tendency
to stability

< 1.0

With the information resulting from diametric measurements of
the mentioned drainage tunnel, a diagram was prepared, shown
in Fig 1, which includes five zones among which the curves of
“horizontal diameter increase” versus “time” can be set, as
recorded for each ring of the tunnel’s initial support. Table 1
shows an explanation of the control and mitigation
measurements recommended according to the case of
application.

3

Not optimal

< 1.5

4

Notoriously
optimal

5

Critical,
with
marked tendency
to instability

2.5%

Topographical monitoring

ZONE 5

}

12 cm

1.5%

Re-injection

Metallic frames

ZONE 4
1st REINJECTION
8 cm

ZONE 3
ZONE 2

4 cm

2

2nd REINJECTION

1.5%

1.0%
723

6

9

12

A-200
A-723

4 cm

ZONE 1

3

6

9

15

12

18

Time (Months)

Figure 1. Diagram for deformational control of tunnel segments in soft
soils

Figure 2. Curves: Increase of horizontal diameter versus time showing
stable behavior

APPLICATION EXAMPLES

CONCLUSIONS

The deformational control of the initial support of an excavated
tunnel in very soft and compressible soils, where there are also
geotechnical aspects that can affect its relation with horizontal
and vertical stresses around the tunnel under construction, is a
useful tool to confirm their good behavior, or else to apply
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2.5%

20 cm

METALLIC FRAMES

ZONE 5

Topographical monitoring
Topographical monitoring
/ re-injection

Horizontal diameter increase, %

Figures 2 and 3 show examples of the application of the graphic
criteria for the case of tunnels built in clayey deposits of the
Valley of Mexico, where a stable and unstable behavior are
observed. It is worth mentioning that the mitigation measures
adopted to reach stabilization in the second case were through
the application of re-injections at the point of contact of
segmented ring and soil.
Figure 2 shows the variation in horizontal deformation of the
primary lining with respect to time for the case of a tunnel with
stable behavior. It was observed that initially there is an
important deformation speed of 0.5 mm/day, but the stable
tendency of the tunnel’s deformation began to be observed in
less than a month. Under these conditions there are no control or
mitigation measures, only the follow up of the tunnel’s
deformation until it reaches its total stabilization.
Figure 3 shows two cases of tunnels with stable behavior,
one since its construction, the other after reaching its apparent
stabilization. In both cases, the deformation speeds were high,
to the point that the deformation-time curve was located at
zones where it is necessary to apply re-injection at the point of
contact between segment and soil in order to ensure the tunnel
lining’s compression.
5
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2
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Figure 3. Curves: Increase in horizontal diameter versus time, showing
unstable behavior whose tendency to deformation was mitigated by reinjection.

6

REFERENCES

Ingenieros Civiles Asociados, 2011. Registros topográficos del
comportamiento deformacional del Túnel Emisor Oriente,
Technical Report, México, DF.
COMISSA, 2011. Modelo geotécnico de los Tramos 1 y 2 del Túnel
Emisor Oriente, Technical Report, México, DF.

Effect of the subsoil conditions in the seismic interaction between two underground
stations connected by a circular section tunnel
Effet des conditions du sous-sol à l'interaction sismique entre deux stations de métro reliées
par un tunnel de section circulaire
Botero E., Ossa A., Ovando E., Sierra L., Giraldo V.

Instituto de Ingeniería, Universidad Nacional Autónoma de México

ABSTRACT: The new Line 12 of the Mexico City subway presents several special situations related to geotechnical and seismic
aspects. In this paper we analyze the influence of changes caused by variations in the properties and thickness of soil layers between
two underground stations connected by a circular tunnel. For this purpose we discuss the accelerations, stresses and deformations
generated in different elements of the underground structures and its variation along time. The results show that variations in the soilstructure response must be considered in design of this type of structures located in Mexico City.
RÉSUMÉ : La nouvelle ligne 12 du métro de Mexico présente plusieurs situations particulières liées aux aspects géotechniques et
sismiques. Dans cet article, nous analysons l'influence des changements provoqués par les variations dans les propriétés et l'épaisseur
des couches de sol entre deux stations de métro reliés par un tunnel circulaire. A cet effet, nous discutons des accélérations, des
contraintes et des déformations générées dans les différents éléments des structures souterraines et sa variation au cours du temps. Les
résultats montrent que les variations de la réponse du sol-structure doit être pris en compte dans la conception de ce type de structures
situées dans la ville de Mexico.
KEYWORDS: Seismic interaction, subsidence phenomena, underground structures.
1

INTRODUCTION.

Certain areas of Mexico City are affected by regional
subsidence and the amplification of earthquake ground motions.
The first issue, caused by groundwater extraction from the
underlying aquifer, induces changes in soil properties over time
(Ovando et al., 2007). The consolidation process of soil strata
caused by ground water extraction also modifies the seismic
response of soil, the infrastructure works in the City (tunnels,
bridges and buildings) may become more vulnerable to seismic
events over time.
This study evaluates the evolution of seismic response a
tunnel and two underground subway stations, caused by
regional subsidence over a period of 50 years.
Analyses were performed using a three-dimensional finite
difference model which comprises two underground subway
stations, a tunnel section and the soil deposit. Acceleration,
stress and displacement histories were determined at the tunnel
station connections joints and those places where tunnel
changes direction.
2

de los Venados Station which was built over 15m thick
compressible clay strata.
3

MATERIAL PROPERTIES

Soil properties of the studied area, were obtained from test on
undisturbed samples obtained from three borings 15 to 20 m
deep as well as from a cone penetration (CPT) and down-hole
tests (see Figure 1).
Shear wave velocities at the Zapata Station were directly
obtained from the down-hole test. Semiempirical correlations
(Eq. 1) that relate CPT strength with shear wave velocity of soil
(Ovando and Romo, 1991) were used for the characterization of
soils in Parque de los Venados Station.
Time (milliseconds)

CPT strength, qc (kg/cm²)

PROBLEM DEFINITION.

The Metro Line 12 is 24.5 km in length, and it passes through
various geotechnical areas in which different geotechnical
problems are presented. Some of these are related to
stratigraphical variations along the line, regional subsidence and
variation of the seismic response during the structures’ life time.
Zapata and Parque de los Venados subway stations are
located in the middle-west of Mexico City in the so called
transition zone (NTC, 2004) where the thicknesses of soft clay
strata do not exceed 20m. Both stations were built at a depth of
22 m approximately and are connected to 9m diameter circular
tunnel. The studied area presents significant variations in the
clay layers thicknesses. Soil deposits underlying The Zapata
Station are formed by harder materials than those at the Parque

Figure 1. a) Down.Hole test results, in Zapata station. b) Cone
penetration test results in Parque de los Venados station.

1683

Proceedings of the 18th International Conference on Soil Mechanics and Geotechnical Engineering, Paris 2013

 q 
Vs    c 
 N kh  s 

0 .5

(1)

Where Vs has units of m/s, qc is given in t/m2 and  s in t/m3
(volumetric weight of soil),  and NKH are typical values for
soils from Mexico City.
4

NUMERICAL MODEL

Numerical modelling was performed using the finite difference
method, implemented in three dimensions in the analysis
platform FLAC3D (ICG, 2009). The chosen platform applies
the numerical method to geometry and arbitrary boundary
conditions defined by the user with an external preprocessor
(Romo et. al., 2005)
4.1

phase) of 33° to each other. For modeling purposes, according
to the hypothesis behavior of the elements, this covering is
considered as a continuous stiffness properties equivalent to
those of the original reinforcement.
5

SEISMIC ENNVIROMENT

The seismic environment at the site was determined in terms of
acceleration spectra envelopes obtained from accelerations
recorded in the vicinity of the site. Finally, the surface spectrum
was scaled by the seismic coefficient specified in the Mexico
City Building Code (NTC, 2004). This meets statutory
provisions (see Fig. 3)

Characteristics of the model

The model of this site has two stations, which have 46 m
wide by 190 m long. The stations reach a maximum depth of 22
m deep at their lower point from the surface. They are limited
by two slurry trench walls in the transverse direction, which are
supported at a depth of 28 m. The tunnel is 480 m long and 10
m in diameter and its crown is at a depth of 9.4 m. The model
was conceived considering the layout plan of the section under
consideration, including changes in the alignment of the tunnel
which generate two horizontal curves, as presented in Fig.2.

Tunnel

Figure 3. Comparative spectra.

The scaled spectrum was deconvolutioned at the model base
by means of a probabilistic analysis. To the end we generate 25
random site profiles. The analysis was made take the spectrum
corresponding to the mean plus one standard deviation in order
to cover the range of uncertainty inherent to this type of study.
The resulting spectrum is taken as the objective function to
generate a synthetic earthquake, which serves as a basis for
analyses in time domain.
6 EVOLUTION OF THE SEISMIC RESPONSE DUE TO
REGIONAL SUBSIDENCE
Regional subsidence in Mexico City induces changes in pore
pressure that increase effective stresses. As a result, the static
and dynamic properties of the soil are modified and therefore,
the seismic response.

Figure 2. Isometric view of the three-dimensional model.

4.2

6.1

Soil deposit model

The three-dimensional finite difference model, consisting of
630,525 nodes and 608,004 elements which form mostly 8-node
tetrahedral and the remaining correspond to 6 nodes wedges.
The model has 202 m wide and 861 m long (see Fig. 2). With
these dimensions it seeks to minimize the potential effects of
refraction of waves in the half-space, in addition to dissipating
boundaries are implemented for the same purpose.
The model consists of six layers. The first one corresponds
to soft clay, the five remaining layers underlying are more
compact, generating a significant contrast between the material
stiffness.
4.3

Detailed station and tunnel model

The stations models have a top slab corresponding to the
pedestrian circulation area, two Milan walls at sides of the
platform area where the trains are parked.
To integrate the tunnel to the stations, it has concrete walls
that connect the stations with the tunnel. The tunnel is made up
of rings of 8 segments of 40 cm thick, which have a rotation (or
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Pore Pressure distribution

The variation of pore pressure distribution due to regional
subsidence was analyzed using a one-dimensional model of soil
consolidation. The model we used, considers the soil as an
elasto-viscous-plastic material in which primary and secondary
consolidation are coupled. The model was originally proposed
by Yin and Graham (1996) and implemented by Ovando and
Ossa (2004) to evaluate regional subsidence caused by water
pumping. The analysis of the variation of pore pressure
distribution due to regional subsidence considered a period of
50 years. The studied site was modeled taking into account that
compressible deposits are confined by permeable soil layers.
The initial piezometric conditions and the pore pressure
depletion rates at the permeable boundaries were estimated from
piezometric stations located near to the studied site.
Evolution of the pore pressure distribution in the studied site
is presented in Figure 4a.
6.2

CPT strength and shear wave velocity

CPT strength depends on the shear strength of the soil. On the
other hand, the relationship between vertical stress and shear
strength of normally consolidated soil (clay condition
representative of the Valley of Mexico) is constant, leading to
assume that changes in effective stress due to groundwater

Technical Committee 204 / Comité technique 204

extraction induces changes in the values of CPT strength. This
can be represented by Eq 2 as follows:
qc (t)=N'v(t) = N'v0(t)+u(t))

(2)

Where N (Santoyo et al., 1989) is a correlation factor (N ≈
5.5) and 'v0(t) is the initial effective vertical stress. The factor
u(t) represents the variation of pore pressure at the period
under consideration. Evolution of shear wave velocity was
estimated from equation 1, taking into account the changes in
CPT strength over time. Evolution of these two parameters due
regional subsidence is presented in Fig.4b y 4c.

Pore pressure distribution u (t/m²)

7.1

Evolution of the acceleration response

The resulting acceleration spectra show that the maximum
acceleration decreases with time (see Fig. 6). Table 1 shows that
acceleration reductions at each monitored zone are different
over 50 years, indicating clearly that the variation in the
resulting accelerations will be unique at each site.
Table 1. Variation of the acceleration magnitude between 2012 - 2062
Monitoring zone
Zapata station - Tunnel
Elbow 1
Elbow 2
Tunnel – Parque de los Venados station

CPT strength, qc (kg/cm²)

Reduction of the
acceleration magnitude
17.0
17.0
13.0
4.5

Vs (m/s)

Figure 4. Evolution of a) Pore pressure distribution, b) CPT Strength. c) Shear wave velocity, due regional subsidence.

7

ANALYSIS OF RESULTS

In the seismic analyses three scenarios were evaluated. The first
corresponds for the present time, the second to 30 years in the
future and the last one 50 years. These analyses were performed
modifying the soil properties according to the proposed model
explained at previous section. We analyze the resulting histories
of acceleration, force and displacement.
Eight monitoring points were fixed along the tunnel, in areas
considered critical. These areas are the joints of tunnel and the
stations and the zones where tunnel changes its direction
(Elbow 1 and 2) (Figure 5). The monitoring points are located in
sections of the upper and lower parts of the tunnel.

Ours results also show that the site dominant period is
located at 1.12 s and that it presents a small decrease of less
than 0.01 s over the 50 year period. This is due to the fact that
soil properties at the site; do not vary significantly along time.

Figure 6. Evolution of the acceleration spectra over time. Case of Elbow
1 in X direction.

7.2

Evolution of the relative displacements

Relative displacements between 2012 and 2042 do not vary
significantly but increase sharply between 2042 and 2062 where
we estimated an increase of 32% on this period of time (see Fig.
7).
Figure 5. Location of monitoring zones.
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8

CONCLUSIONS

We calculate static and dynamic displacements, accelerations
and stresses over 50 year period.
Regarding displacements, our results show that these will be
admissible and should not promote damages and difficulties on
the section of Metro Line 12 studied here.
Shear and normal stresses will increase in the future at
section of the tunnel supported by the thicker clay strata or at
section where the direction of the tunnel changes. The structure
design of these stations must account for these changes bearing
in mind that estimated stress increments in the future can be far
from negligible.

Figure 7. Evolution of the displacementover time.

7.2.1 Evolution of normal stress
Normal stresses at the connection of the tunnel with the Zapata
Station increase around 30 to 40% over the 2042-2062. These
increases occur at elbow zones; especially those on soft deposits
of greater thickness (see Fig. 8).

Figure 8. Evolution of the normal stresses over time. Case of Y
direction.

7.2.2 Evolution of shear stress
The shear stresses increase around 30 to 60% for the 2042-2062
period of analysis, only in the connections supported on thicker
soft material, as are elbow 2 and Tunnel- Parque de los Venados
station zone. Shear stresses remain constant with time at other
connections upon the occurrence of seismic events (see Fig. 9).

9
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Application of Ductile Segments to Tunnels in Close Proximity
Application
of Ductile Segments to Tunnels in Close Proximity
Utilisation de voussoirs ductiles à des tunnels très proches
Utilisation de voussoirs ductiles à des tunnels très proches
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ABSTRACT: Establishing or expanding a mass rapid transit (MRT) network has been a challenge in the urban area. With limited
space and cityscape issues, the network would be chosen to be built below ground by virtue of bored tunneling with precast reinforced
concrete (RC) segments. While the twin tunnels for the up- and down-track lines are in close proximity, the driving effect of the
succeeding tunnel may become significant on the preceding one, thus threatening the lining system. This paper presents a case history
in the Taipei MRT projects where limited space led not only the twin tunnels to a nearly stacked alignment but the clearance to as
close as about 1.5 m. A series of numerical simulations was conducted to investigate the proximity effects, and reinforcement of the
lining system was evaluated. Considering the high degree of strength, ductility, and anticorrosion features, ductile segments were
introduced for the first time in Taiwan. The basic information of the ductile segments is briefed, followed by the design consideration.
Monitoring results are further provided for validation and as retrofits for lining analysis and design.
RÉSUMÉ : L’établissement ou l'expansion d'un réseau de métro (MRT) a été un défi dans l’espace urbain. Avec un espace limité et
des contraintes de paysage urbain, la solution retenue est un tunnel foré sous terre, avec des voussoirs en béton armé (RC)
préfabriqués. Alors que les tunnels jumeaux des lignes de métro haute et basse sont très proches, l’influence du creusement du tunnel
en cours sur le tunnel existant peut devenir significative, menaçant ainsi le système de revêtement. Cet article présente une histoire de
cas des projets de Taipei MRT où l’espace limité a provoqué non seulement une quasi superposition de l’alignement des tunnels
jumeaux, mais aussi jusqu’à 1,5 m d’espacement entre les deux tunnels. Une série de simulations numériques a été réalisée pour
étudier les effets de proximité, et le renforcement du système de revêtement a été évaluée. Étant donné le degré élevé des
caractéristiques de résistance, de ductilité et anticorrosion, des voussoirs ductiles ont été introduits pour la première fois à Taïwan. Les
informations de base sur les voussoirs ductiles sont présentées, suivies de considérations sur la conception. Les résultats de la
surveillance sont ensuite fournis pour validation et rétro-analyse de l’analyse et de la conception du revêtement.
KEYWORDS: ductile segments, proximity effect, Taipei MRT projects.
1

INTRODUCTION

With the first stage of Taipei Rapid Transit System (TRTS)
completed and set out for revenue services in 2009 (while the
first line started operation in 1996) and the second stage
finished by 2018, the system is now serving more than 1.7
million passengers a day within a total of 102 stations and about
113 km of routes (TRTC 2012) around the Taipei Metropolis.
As the MRT network keeps expanding, it would be more
frequent to encounter site constraints. The up- and down-track
lines of the underground routes may have to not only shrink the
in-between spacing but adjust the typical, parallel alignment to
a stacked pattern. In such situations, driving effect of
succeeding tunnel on the preceding one becomes significant and
requires additional consideration in design and construction.
General speaking, the effect of tunnel driving can be ignored
if the clearance between the existing structures, such as tunnels,
buildings, and facilities, is beyond one diameter of the tunnel.
As more and more routes constructed in the urban area,
however, it becomes much more frequent to encounter such
situations that twin tunnels are excavated with the in-between
clearance less than one tunnel diameter. Additional surcharge
has been suggested in the lining design guide to account for
such a proximity effect on the succeeding tunnel for the
clearance between 0.5 and 1.0 times of tunnel diameter (e.g.
JRCEA 1977). Ground improvement and temporary bracing
would be applied as the protection measure. Besides, the lining
system can be reinforced by replacing the commonly-used,
precast reinforced concrete (RC) segments to high strength
materials. This paper presents a case history in the Songshan

Line of Taipei MRT projects where the clearance between
tunnels is as small as about 1.5 m (about 0.25 times of tunnel
diameter) and the routes for clearance smaller than 0.5 times of
tunnel diameter is as long as more than 350 m. Since most of
the abovementioned sections are beneath either existing
buildings or roads of heavy traffic, implementation of ground
improvement (even from the boring machine) may not be able
to meet the protection requirement. Considering the high degree
of strength, ductility, and anticorrosion features, the spherical
graphite cast iron segments (or ductile segments) were first
introduced in Taipei MRT projects. The background of the case
history is first illustrated, followed by numerical simulation for
proximity effect and design consideration for ductile segments.
Measurements obtained from the automatic monitoring system
are provided, and concluding remarks are given at the end of the
paper.
2

BACKGROUND

The Songshan Line, which is part of the Green Line in the
second stage of TRTS, consists of 9 underground stations and
about 8.5 km of routes. The Construction Lot CG291 (Figure 1)
of the Songshan Line was first planned to cover Stations G15
and G16 and twin tunnels of about 930 m long between Stations
G14 and G16. The Station G15 was finally cancelled as a result
of site constraints and tremendous construction cost and risks
involved. As illustrated by the figure, the twin tunnels are
designed to pass underneath a street block between Stations
G14 and G15. Structures above the routes includes a
underground parking lot, one official building, and a series of
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recovered gradually. At present, hydrostatic condition at
sublayers V and VI and about 50 kPa of drawdown at sublayers
I to IV could be expected.
Water pressure (kN/m2)
0

100

200

0

300

400

500

Data before 1997 from Chin ( 1997 )
Year 2004 data

-10

Elevation (m)

residential buildings. Due to limited space on Tianshui Road,
the twin tunnels are adjusted from the parallel alignment to a
nearly stacked pattern for a section between the insection of
Yanping N. Road and Tianshui Road and the Taipei Circle.
According to the planned alignment, the clearance of the twin
tunnels are smaller than 0.5 times of tunnel diameter for a
section between Station G14 and the Taipei Circle. The smallest
clearance is about 1.5 m that occurs right below the Taipei
Circle. Typical sections of the twin tunnels in close proximity
are as shown in Figure 2.
N
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Figure 4. Historical variation of hydraulic pressure distribution with
depth in Taipei Basin (after Chin et al. 2006)

0k+274
0k+100

3

BSS

Figure 1. Scope of work for Construction Lot CG291
Tunnel diameter: 6.1m

NUMERICAL ANALYSIS

The driving effect of the succeeding tunnel on the lining of the
preceding one was investigated through a series of 2dimensional (2-D) numerical analyses. Figure 5 shows the
numerical model constructed using the computer program
FLAC (ITASCA 2000). A Mohr-Coulomb model with nonassociated plastic flow rule was adopted to simulate soil
behavior. The driving-induced, construction and workmanship
effect, such as delay of tail grouting (causing soil relaxation),
excavation (inducing soil disturbance), and driving forces
(increasing soil stress), were simulated by introducing the gap
parameter suggested by Lee et al. (1992). The stresses shown on
the figure represent average values obtained from the resulting
JOB TITLE : CG291 0+400 (ADJACENT TUNNEL) Z=25m,d=4.5m
response on top and two sides of the preceding tunnel.
FLAC (Version 4.00)
Representative results are described in the following
LEGEND
paragraphs.
(*10^1)

-1.600

14-Dec-04 22:47
(a) Chainage
0+100 m
(b) Chainage
0k+100
0k+274 0+274 m
step 29463
Figure 2. Typical sections of tunnels in close proximity (after Kang-1.019E+01
et. <x< 9.960E+00
-3.472E+01 <y< -1.458E+01
al 2007)
Grid plot
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The major geological strata that the CG291 would encounter
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Foregoing
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is called Songshan Formation, a sandy-clayey-interbedded
 H (in )
 H (out)
Tunnel
Tunnel
Tunnel
Tunnel
Holocene deposit that was formed through a series of fluvial,
lacustrine, estuarine, and brackish-water sedimentation process
on the Taipei Basin (e.g. Lin 1957). Figure 3 depicts the typical
soil profile of Songshan Formation. It exhibits six sublayers at
Figure 5. Numerical model for twin tunnel analysis (after Kang et al.
Taipei Main Station and the CG291 site or thereabout, named
2007)
sublayer I to VI from the bottom to the top. The silty clay
Moh and Associates,Inc.
sublayers (i.e. sublayer II, IV, and VI) become dominant toward
Figure 6 depicts the variation of induced vertical stress on
Taipei,Taiwam
the east of the basin whereas the interbedded sequence becomes
top of preceding tunnel with respect to tunnel clearance (defined
complex toward the west. Typical engineering properties of
as ratio of clearance to tunnel diameter). The three curves
subsoils for Songshan Formation can be referred to Moh and Ou
represent results obtained from three different depths of tunnels
(1979).
(i.e. z = 20, 25, and 30 m). As can be seen, the stress increases
Figure 4 shows the historical variation of hydraulic pressure
along with the decrease of tunnel clearance. While the tunnel
distribution with depth in Taipei City. After pumping was
clearance is 0.5, a 50% increase in vertical stress is obtained
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compared to the corresponding response for single tunnel cases.
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Figure 3. Typical stratification of Taipei Basin (after Chin et al. 1994)
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when the tunnel clearance is smaller than 0.8. In addition, the
results indicate a significant difference (about 20%) of stress on
both sides of the tunnel when the tunnel clearance is about 0.2.

P(kN)
9000

Table 1. Suggestion of additional surcharge with respect to tunnel
clearance (after JRCEA 1977)

5000
3335

Additional surcharge / v’

Tunnel clearance, a

0

-4000

200%
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180%
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352
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(1) Single tunnel
(2) Tunnels with tunnel clearance 0.3

Figure 8. Analysis results on force-moment curve for RC segments of
3% reinforcement ratio (after Kang et al. 2007)
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v’: vertical effective earth pressure acting on segments
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BASIC INFORMATION AND DESIGN
L
CONSIDERATION
OF DUCTILE SEGMENTS
Lateral Pressures
D

L
D

1.6

1.8

Stress Ratio
of Double to
Single Tunnel
Pressure
Ratio(Dual
System/
SingleSystem
System)

The ductile segments were chosen because of the high degree of
strength, ductility, and anticorrosion characteristics that provide
sufficient capacity against additional surcharge and deformation
140%
120%
induced by proximity effect. The basic information of RC
segments used in TRTS and the proposed ductile segments is
120%
110%
summarized in Table 3. Figure 9 depicts the layout of ductile
100%
100% segments.
As shown in the figure, the proposed ductile
0.0
0.2
0.4
0.6
0.8
1.0
1.2
1.4
1.6
1.8
2.0
0.0
0.2
0.4
0.8
1.0
1.2
1.4
1.6
1.8
2.0
segments
were0.6 corrugated
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higher
Tunnel Clearance(L/D)
Tunnel
Clearance(L/D)
Tunnel Clearance
(s/OD)
bending capacity than the girder counterpart (Figure 10). With
Z=20m_crown
Z=25m_crown
Z=30m_crown
Z=20m_inner
Z=20m_outer
Z=25m_inner
Z=25m_outer
Z=30m_outer
Z=30m_outer
corrugated segments backfilled with concrete, the enhancement
Figure 6. Variation of induced vertical stress on top of preceding tunnel
of lateral support can further lead to a more economic design.
with tunnel clearance (after Kang et al. 2007)

2.0

160%

150%

s
L

Lateral
Stress
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130%

Table 3. Basic information of RC and ductile segment used in TRTS

D

140%

Item
Thickness (m)
Length (m)
Segments in a ring
Bolt

130%

120%

110%

RC segment

Ductile segment

0.25
1.0
6 (unequal size)
curved

0.25
1.25
6 (equal size)
high strength, straight

100%
0.0

Z=20m_inner

0.2

0.4

Z=20m_outer

0.6

0.8
1.0
1.2
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Clearance(L/D)
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(s/OD)
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1.4

1.6

Z=30m_outer

1.8

2.0
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Figure 7. Variation of induced lateral stress on two sides of preceding
tunnel with tunnel clearance (after Kang et al. 2007)

Following the interaction analysis results for twin tunnels,
the commercial software SAP2000 (CSI 2008) was exploited to
derive the resulting bending moment and stress around the
lining of the preceding tunnel. Table 2 shows the results for the
tunnel clearance of about 0.3. The bending moment and axial
force is increased by about 70% and 30%, respectively, as
compared to those for single tunnel cases (i.e. without close
proximity effect). As the tabulated results are plotted onto the
force-moment diagram, Figure 8 implies that the results
exceeded the ultimate capacity of precast RC segments with
reinforcement ratio equal to 3%. Several reinforcement
measures, such as ground improvement and increase of lining
thickness, were then evaluated during design stage. Considering
that most of sections that are influenced by proximity effect are
beneath existing structures or roads of heavy traffic where
ground improvement or the thickened RC segments may not be
able to achieve the protection requirement effectively, the
spherical graphite cast iron segments (or ductile segments) were
employed for the first time in the Taiwan’s MRT system.
Table 2. Resulting response of lining with and without proximity effect
(after Kang et. al 2007)
Design condition

Axial force (kN)

Bending moment (kN-m)

Single tunnel
Tunnels with tunnel
clearance 0.3

2,630

206

3,335

352

1689

Figure 9. Typical layout of ductile segments (after Kang et al. 2007)

concrete

(a) Corrugated type
Figure 10. Structural type of ductile segments

(b) Girder type

While the loading combination and analysis model are
similar for precast RC and ductile segments, there are some
points that shall be considered in the design of ductile segments.
These include effective section, analysis model, plate and
component design, and connection design that can be referred to
Kang et al (2009) for details.
By taking the consideration into account, the ductile
segments were designed, fabricated, and then employed at the
preceding tunnel, the up-track line tunnel in the case, for
sections where the tunnel clearance is smaller than 0.5.
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MONITORING RESULTS

preceding tunnel (up-track
line) erected

600

To validate and modify lining analyses and design, a series
of instruments was installed at the ductile segments. Figure 11
shows one selected section for instrumentation. In total, there
are nearly 380 m of the up-track line tunnel employed with
ductile segments where there are 8 cross-sections selected for
monitoring. The instrument layout for the cross-section at
chainage 0+690 m, the location where the closed clearance
(about 1.5m) is encountered, is shown on the figure as a
representative. An automatic monitoring system was built to
take hourly response from strain gauges and daily response
from earth pressure cells and pressure transducers. Figure 12
presents representative monitoring results at chainage 0+690 m.
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Figure 11. Layout of instrumentaion

CONCLUDING REMARKS

The ductile segments have been an alternative approach applied
to resist additional surcharge and deformation arisen from
proximity effect. While 2-D or even more sophisticated
numerical schemes can be exploited to investigate the
interaction between soils and tunnels or the proximity effect,
measurements from a thorough monitoring system would
provide invaluable retrofits to analysis and design. Engineering
judgment, however, should always be emphasized.
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CS6185

-200

CS6192

-300

As illustrated by the figure, the passage of succeeding tunnel
stirred up a remarkable reaction in the readings. The readings
first remained at the relative high level when the segments of
preceding tunnel were erected and compensation grouting was
implemented. They then declined gradually to a level that is
equivalent to the in-situ stress and strain condition until a
sudden rebound at the tunnel passage.
For the earth pressure, a significant increase of about 50~70
kPa was observed at the locations that are closed to the
succeeding tunnel (i.e. EP6041 and EP6045). The increased
level remained after the tunnel passed by. For the hydraulic
pressure, the sudden increase of pore pressure (about 60 kPa)
was only obtained at the closest point to the succeeding tunnel
(i.e. EPE6041). After the tunnel passed by, the pressure dropped
to a level that is about 20 kPa higher than the previous in-situ
condition. As for the strain gauges, all the readings displayed
revealed significant increase at the tunnel passage and the
increased level remained afterwards. It is of special noted that
the lining could subject to tension (e.g. with strains on the order
of 10-4 at CS6188) as a result of proximity effect.
6

-100
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Effect of pre-ground improvement method during shallow NATM tunnel excavations
under unconsolidated conditions
Effets de la méthode d’amélioration préalable des sols durant l’excavation de tunnel peu profond
utilisant la nouvelle méthode autrichienne (NATM) dans un sol non-consolidé
Cui Y.

Meijo University, Japan

Kishida K.

Kyoto University, Japan

ABSTRACT: During the construction of the Bullet Train lines in Japan, several shallow tunnels were excavated in unconsolidated
ground using the New Austrian Tunnelling Method (NATM). However, ground and tunnel settlements frequently occurred due to the
low stiffness of the ground and the shallow overburdens. In order to prevent such settlements and to ensure the stabilization of the
cutting face of the tunnels, a pr-ground improvement method was adopted in the above fields. Various combinations of improved
areas and levels of strength were tried in the fields, and the tunnels were excavated successfully. However, the mechanism of the
effect of the pre-ground improvement method, the influence of the strengh of the improved ground, and the influence of the depth and
the width of the improved areas are not clearly understood. Therefore, 2D elasto-plastic FE analyses are carried out here to clarify the
effect of the pre-ground improvement method on the prevention of ground and tunnel settlements.
RÉSUMÉ : Durant la construction des lignes du train rapide japonais, plusieurs tunnels peu profonds ont été excavés dans des sols
non-consolidés en utilisant la nouvelle méthode autrichienne (NATM). Cependant, à cause de la faible cohésion du sol et du mortterrain peu profond, des affaissements du sol et du tunnel arrivaient fréquemment. Dans le but de prévenir ces affaissements, et pour
s’assurer de la stabilité des parois du tunnel, une méthode supplémentaire d amélioration préalable du sol a été adoptée dans les
terrains mentionnes ci-dessus. Divers combinaisons des surfaces améliorées et des niveaux de résistance ont été essayées sur place, et
les tunnels ont été creusés avec succès. Cependant, l’effet de la méthode d’amélioration préalable des sols et l’influence de la
résistance des terrains améliorés, de leur profondeur et de leur largeur n’est pas clairement comprise. Dans cette étude, des analyses
2D par éléments finis élasto-plastique sont effectuées afin de clarifier l’effet de la méthode d’amélioration préalable des sols sur la
prévention des affaissements du sol et du tunnel.
KEYWORDS: shallow tunnel, unconsolidated ground, NATM, pre-ground improvement method, surface settlement
1

INTRODUCTION

Up to now, the open-cut method has been the main tunneling
method when excavating shallow tunnels in unconsolidated
ground. And, the New Austrian Tunnelling Method (NATM)
has been thought to be suitable when excavating tunnels in
mountainous areas. Recently, however, not only because of
advances in construction and measurement techniques, but also
because it is more economical than either the shield tunneling
method or the open-cut method, NATM has also become
popular for shallow tunnel excavations. For example, during the
construction of the Bullet Train lines in Japan, several shallow
tunnels were excavated in unconsolidated ground using NATM
(Kitagawa et al., 2005, 2009). However, ground and tunnel
settlements frequently occurred due to the low stiffness of the
unconsolidated ground and the significant reduction in the
arching effect arising from the shallow overburdens. In order to
prevent such settlements and to ensure the stabilization of the
cutting face of the tunnels, a pre-ground improvement method
was adopted in the above-mentioned fields.
Figure 1 shows the construction process of the pre-ground
improvement method. First of all, the ground is excavated to the

upper part of the tunnel crown. Then, cement is mixed with the
natural ground around the side wall of the tunnel using the
shallow or deep mixing stabilization method. Thereafter,
spreading and rolling compaction of the premixed soils are
performed over the tunnel crown area. Finally, backfilling and
rolling compaction of the excavated soils are performed to the
ground surface. Thereafter, the tunnel is excavated using
NATM. Various combinations of improved areas and levels of
strength of the improved ground were tried in the fields, and the
tunnels were excavated successfully. Morover, the effect of the
pre-ground improvement method was confirmed in a previous
analytical study (Cui et al., 2012). However, the mechanical
behavior of the ground and the tunnel during the tunnel
excavation process has not been discussed sufficiently. The
strength of the improved ground, and the depth and the width of
the improved areas, have been determined through practical
construction works .
In this study, therefore, 2D elasto-plastic finite element
analyses, that simulate the tunnel excavation process, are carried
out to clarify the effect of the pre-ground improvement method.

Figure 1. Construction process of pre-ground improvement method
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Figure 4. Analytical patterns for different improved areas

Figure 2. Analysis area and boundary conditions
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2.1

Modeling of ground, lining and tunnel excavation process

Figure 2 shows the analysis area and the boundary conditions.
The object of the analysis was determined based on the
construction field data. The overburdens were varied between
2.0 m and 5.25 m (0.5 D).
The subloading tij model (Nakai & Hinokio, 2004) was used
to simulate the ground material. The properties of the model
ground are given in Table 1. Density  and void ratio e were
measured by in situ tests, while the other parameters were
referred to certain references (Iizuka & Ohta, 1987; Nakai &
Hinokio, 2004).
Table 1. Properties of natural ground
Density  (×103 kg/m3)

1.50

Poisson’s ratio 

0.36

Void ratio (e0)

1.27

Coefficient of earth pressure at rest k0

0.56

Principal stress ratio at critical state

2.60

Compression index 
Swelling index 

0.1154
0.02

The improved ground was modeled as an elastic material.
Young’s modulus was calculated based on compressive strength
qu (N=8 qu /100, E=2800 N). The values used in this analysis
were 2.24×105 kN/m2 (qu=1.0×103 kN/m2).
The tunnel lining was modeled as a composite elastic beam
unifying the tunnel supports and the shotcrete. Flexural rigidity
EI and axial rigidity EA of the composite beam were made to be
equal to the sum of the corresponding values of the supports and
the shotcrete. The Young’s modulus of the composite beam was
taken as 1.23×107 kN/m2 (Cui et al., 2010).
The tunnel excavating process was simulated by the release
of an equivalent force to excavation. The analysis included
seven steps, as shown in Figure 3.

-40 -30 -20 -10 0 10 20 30 40
Distance from center of tunnel [m]
Figure 6. Surface settlement when tunnel excavation completed

2.2

Analysis patterns

Figure 4 shows the analytical patterns for different widths of the
improved areas. The ground was improved around the crown of
the tunnel and the top section in the Case_a_B series. The
Case_b_B series is for the ground which was improved around
all cross sections of the tunnel. B represents the width of each
improved area, varied between 6.0 m and 12.0 m. Only the area
around the crown of the tunnel was improved in Case_c.
The improved area of Case_a_7.0 was adopted in the
Ushikagi Tunnel (Tohoku Bullet Train line), that of Case_b_6.5
was adopted in the Kamikita and Akabira Tunnels (Tohoku
Bullet Train line), and that of Case_c was adopted in the
Dainiuozu and Uozukaminakazima Tunnels (Hokuriku Bullet
Train line). These three cases represent the basic patterns when
determining the areas for the pre-ground improved method.
The mechanical behavior of the ground and the tunnel for the
above three cases is investigated in this study, and the influence
of the width and the height of the improved areas is discussed.
3
3.1

EFFECT OF PRE-GROUND IMPROVEMENT METHOD
Mechanical behavior of the natural ground

Figure 5 shows the temporal changes in the settlements of the
ground surface, the crown and the foot of the tunnel. Case_0 is
the analysis pattern for the excavated tunnel without ground
improvement. The ground surface and the tunnel sink with large
values in Case_0. They become smaller with the improvement
of the ground, and the effect is seen to increase in the order of
the improved areas (Case_b_6.5 > Case_a_7.0 > Case_c). These
values in parentheses are the reduction ratios for each settlement
value from the Case_0.
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Figure 9. Shear strain distribution
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Figure 7. Horizontal displacement of the ground
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Figure 8. Vertical earth pressure distribution (Excavation completed)

Figure 10. Deformation of improved ground

Figure 6 shows the surface settlement curves after the tunnel
excavations have been completed. The figure indicates that
surface settlements can be prevented by adopting the pre-ground
improvement method, and that the method becomes more
effective as the improved area becomes larger.
The horizontal displacement occurring in the marked ground
areas (Lines 1, 2 and 3) are shown in Figure 7. The distance
between the center of the tunnel lining and Lines 1~3 are 7.5 m,
10.0 m and 15.0 m, respectively. The ground is displaced
toward the tunnel lining, due to the tunnel excavation, and the
largest horizontal displacements are seen on the ground surface
in all of the cases and all of the examination positions. The
horizontal displacements become smaller as the areas of the
improved ground increase. In particular, there is almost no
displacement seen in Case_b_6.5, for which all cross sections of
the tunnel were improved.
Figure 8 shows the vertical earth pressure distribution on the
marked positions after the tunnel excavations have been
completed. The straight dotted lines show the initial vertical
earth pressure distribution before the excavation. The full black
lines, without markers, show the vertical earth pressure
distribution for Case_0 where the tunnel was excavated without
ground improvement. The figure shows that the vertical earth
pressure, acting on both sides of the tunnel, increases due to the
tunnel excavation, in a certain area. This area is called an
influenced area due to the tunnel excavation. The vertical earth
pressure acting on comparison Lines I and II is concentrated in
the improved area, and the influenced area becomes narrow in
Case_b_6.5. This effect is called an earth pressure redistribution
effect. However, there is almost no change in the influenced
area for Case_a_7.0 and Case_c.
The shear strain distributions for the two analysis stages,
namely, when the top heading has been completed and when all
of the tunnel excavation has been completed, are shown in
Figure 9. In Case_0, for a tunnel excavated in a natural ground,
large shear strain is generated from the foot of the tunnel and
develops to the ground surface. When ground improvement has
been performed, the development of shear strain is intercepted
by the improved area. As a result, the shear strain becomes
smaller due to the improved ground. This effect is called a

shear reinforcement effect, and it becomes more effective as the
improved area becomes larger. On the other hand, the improved
area is surrounded by relatively large shear strain, as in
Case_a_7.0 and Case_c. The skimpiness of the width of the
improved ground is thought to be the reason for this
phenomenon. The large shear strain is generated over a large
area when the ground has not been improved, and the improved
area is not wide enough to intercept all of the large shear strain
area, as in Case_a_7.0 and Case_c. As a result, the large shear
strain is remaining around the improved area. When all the
cross sections of the tunnel have been improved, as in
Case_b_6.5, the improved ground can intercept the large shear
strain from the foot of the tunnel, despite the width of the
improved ground. However, the pre-ground improvement
method has almost no influence on the shear strain that occurs
from both edges of the invert of the tunnel lining.
3.2

Mechanical behavior of improved ground

Figure 10 shows the deformation of the improved ground. For
easy understanding, the deformation is expanded to 50 times.
The dotted lines represent the original position of the improved
ground. The deformation of the improved ground becomes
smaller when the improved areas become larger. The
deformation of the improved ground shows the same shapes in
Case_a_7.0 and Case_c; the upper part of the improved ground
is compressed and both ends of the improved ground are
moving away from the tunnel. On the other hand, both ends of
the improved ground are moving towards the center of the
tunnel in Case_b_6.5. This deformation shape is the same as the
deformation of the tunnel lining, indicating that the improved
ground can restrain the deformation of the tunnel lining.
4 INFLUENCE OF WIDTH AND HEIGHT OF THE
IMPROVED AREA
The reduced ratios of the settlements of the ground surface and
the tunnel for different widths of the improved area are shown
in Figure 11. The analytical results indicate that the settlementpreventing effect increases when the width of the improved area
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Figure 11. Influence of width of improved ground
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Figure 12. Influence of height of improved ground

becomes larger. For the Case_a_B series, the reduced ratios of
the settlements increase rapidly when the widths are smaller
than 8 m; they reach a peak of 90% when the widths are larger
than 10.5 m. For the Case_b_B series, the reduced ratio of the
settlements of the tunnel and the ground are larger than 95% in
all of the cases.
A series of numerical analyses, that changed the height of
the improved area, was carried out in this research work. Figure
12 shows the reduced ratios of the settlements of the ground
surface and the tunnel for different heights of the improved area.
The analytical results indicate that the settlement-preventing
effect increases when the height of the improved area becomes
larger, linearly.
5

Reduce ratio of settlements [%]

Reduce ratio of settlements [%]
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CONCLUSIONS

The mechanical behaviors of the ground and tunnels have been
discussed in this research work in order to clarify the effect of
the pre-ground improvement method. The effect of the preground improvement method and the influence of the width and
the height of the improved area are shown in the following.
(1) The ground improvement method can prevent the settlement
of the ground and the tunnel, and this effect becomes more
effective as the width and the height of the improved area
increases.
(2) The influenced area due to the tunnel excavation becomes
narrow when improved the ground around all cross section
of the tunnel lining.
(3) The height of the improved ground has a more significant
influence than the width of the improved ground on the
effect of the prevention of settlements.
Moreover, from the above analytical results, the advantage
of the effect of the pre-ground improvement method is
presented as the three matters as shown in Figure 13.
The first one is the effect of strength increase. The strength
of the ground increases due to the ground improvement. As a
result, the deformation of the ground has been prevented by the
pre-ground improvement method. Moreover, the deformation of
the tunnel lining can be prevented by the restriction of the
improved grounds.
The second one is the effect of shear reinforcement. Large
shear strain is generated from the foot of the tunnel and
develops to the ground surface, as shown in Figure 13(b),
during the tunnel excavation process. When the improved areas
are deep enough or wide enough to cover the large shear strain
area, the development of the shear strain will be intercepted by
the improved ground. As a result, the settlement of the ground
can be prevented. For the cases in which all the cross sections of
the tunnel were improved, as in Case_b_B, the effect of shear
reinforcement has been obtained, independent of the width of
the improved ground. On the other hand, the pre-ground
improvement method exerts the effect of shear reinforcement
when the width of the improved ground is wider than a certain
value, in series Case_a_B.

Figure 13. Mechanism of effect of pre-ground improvement method

The third one is the effect of earth pressure redistribution.
The vertical earth pressure is concentrated in the lower part of
the improved area, and the earth pressure acting on the other
area becomes smaller, as shown in Figure 13(c). Moreover, the
influenced area becomes smaller when all the cross sections of
the tunnel are improved as series Case_b_B, although there is
almost no change when only the area around the top section is
improved as series Case_a_B.
In addition, these three kinds of effects become even more
effective as the width and the height of the improved ground
increase.
6
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Field Performance of Geogrid Bridges for Stress Reduction on Buried Utilities
Performance in-situ des pontages en géogrille pour réduire les contraintes dans les infrastructures
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ABSTRACT: The construction of highway embankments in urban areas often interferes with existing underground facilities such as
sewer lines and other buried conduits. In many instances, the extra loads imposed by embankment construction on buried conduits
would be unacceptably high. The severe consequences of overstressing an underground utility conduit include damage and
interruption of services for both the utility and highway. This paper present results of a full scale instrumented test embankment
constructed by Ontario Ministry of Transportation to study the effects of embankment construction on the underground utilities. The
test embankment comprised four sections which facilitated the evaluation of four different configurations including the positive
projection installation, induced trench installation and two at-grade geogrid reinforcing bridging with different spans. The numerical
models of the test embankment are developed using two dimensional finite element analyses. This paper presents the results of stress
measurements inside the trench protected using at-grade geogrid bridge arrangement as well as the results of numerical model that
helped clarify mechanisms of stress reduction. The material presented is considered to be of interest to researches and engineers.
RÉSUMÉ : La construction de remblais dans les zones urbaines existantes interfère souvent avec des installations souterraines comme
les égouts et autres canalisations enterrées. Dans de nombreux cas, les charges supplémentaires imposées par la construction du
remblai sur les conduites enterrées sont trop élevées. Les conséquences graves d’une surcharge sur une conduite souterraine des
services publics comprennent à la fois les dommages et l'interruption des services. Cet article présente les résultats d'un remblai
d’essai instrumenté à grande échelle, construit par le Ministère des Transports de l’Ontario pour étudier les effets des étapes de la
construction sur les réseaux souterrains. Le remblai d'essai comprend quatre sections, ce qui a facilité l'évaluation de quatre méthodes
différentes d’installation de conduites enterrées : projection positive, tranchée induite et deux autres avec pontage par géogrille de
renforcement avec des portées différentes. Par ailleurs, des modèles numériques par éléments finis en deux dimensions sont
développés pour simuler le comportement du remblai d’essai. Les mesures expérimentales et numériques obtenues dans cette étude
sont présentées et analysées. Les résultats obtenus sont d’un grand intérêt pour les ingénieurs praticiens.
KEYWORDS: Geogrid bridge, Test embankment, Underground utilities, Stress reduction, 2D FEM.
1

INTRODUCTION

The construction of highway embankments often intersects with
the alignments of existing utility lines. Since additional
embankment loads are not accounted for in the initial design of
these buried structures, embankment construction may result in
overstressing and damage of the existing utility lines.
Geogrids are flexible, synthetic meshes that are used for slope
stabilization, highway pavement reinforcement, earth retention
and sub-grade improvement. One of the main purposes of
geogrids used in soil reinforcement is to provide confinement
and reinforcement to the soil medium. Love (1984) and Hass et
al. (1988) indicated that interlocking between geogrid and the
aggregate leads to an increased confinement within the granular
base course. Due to this enhancement in confinement, lateral
spreading of the particles is minimized and the stiffness and
strength moduli of the base course increase.
Geogrids improve the structural integrity of reinforced soil
foundations by confining the soil and distributing applied forces
which result in an increased load distribution angle.
Geogrids have been widely used to improve weak foundation
soils for the construction of access roads and highways. More
recently, they have been used in standard flexible pavement
sections to reinforce the base course to support vehicular traffic
during the life of the pavement structure (base-course
reinforcement). When used as base-course reinforcement,
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geogrids provide significant structural benefits that are very
attractive to transportation authorities, which include an
improved pavement life and/or equivalent performance with a
reduced structural section.
Geogrid bridging is an effective construction technique that can
be used where bridging an area of very weak subgrade soils is
necessary. In this technique a layer or more of geogrid works as
a bridge that transfers overlaying stresses and distribute them to
larger areas away from the zone of weakness.
Current versions of Canadian Highway Bridge Design Code
(CHBDC 2006) and the AASHTO LRFD bridge design
specifications (AASHTO 2007) do not include any clauses
related to the performance of geogrids bridging. Only
recommendations regarding the culvert installations are related
to the ones installed using positive projection method (PPM).
Design recommendations given in these codes for PPM include
the assumptions of uniform earth pressure on top of the culvert
crown and the uniform pressure on the bottom slab of culvert
that is equal to the sum of the crown pressure and the pressure
due to dead load of culvert. In order to gain a better
understanding of the stress reduction that may be achieved by
geogrid bridging, Ontario Ministry of Transportation (MTO)
constructed an instrumented full scale test embankment over a
bridged trench in order to study various stress reduction
measures.
The main objectives of this study are to evaluate the stress
reductions achieved by the use of geogrid bridging installation
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and to gain an understanding of the stress reduction mechanism.
This paper presents the results of stress measurements inside the
trench protected using at-grade geogrid bridging as well as the
results of numerical model that helped clarify mechanisms of
stress reduction. The material presented in this paper is
considered to be of interest to researches and engineers.
2
2.1

METHODOLOGY
Description of the field test

An instrumented test embankment is constructed by Ontario
Ministry of Transportation over a 3 m deep trench to study the
effects of embankment construction on the underground
utilities. The test embankment is constructed as part of Highway
407 contract and is located near the Highway 407 and Weston
Road in Vaughan, Ontario. The test embankment comprised
several sections which facilitated the evaluation of four different
configurations including the positive projection installation,
induced trench installation and at-grade geogrid reinforcing
bridging. Since the objective of the testing program was to
evaluate the stresses reductions achieved by each of the
considered installation techniques, no actual culverts were
installed. Instead, the earth pressure cells were placed in
granular protective surrounds located at two different depths in
the trench. The first section is constructed as a conventional
control section (Section 1), which included an instrumented
trench that was conventionally backfilled with granular material
up to the grade level (Positive Projection Method). The second
section represents an Induced Trench Method installation (ITM)
(Section 2), which included an instrumented trench that was
backfilled with granular material that is overlain by a layer of
compressible Styrofoam chips up to the grade level. The third
and fourth sections include geogrid void bridges installed on the
instrumented trenches with different trench widths. The
evaluation of the induced trench method installation section was
performed as part of a separate study and is beyond the scope of
the present work. This study involve the results of the PPM
represented in Section 1 (the control case) and the 3 m wide atgrade geogrid bridging, GB (Section 4). The following is a
general description of field tests. The layout of test embankment
is depicted in Figure 1. The considered test configuration
comprises a 3 m deep trench backfilled up to the grade level
which underlies an embankment with the footprint dimension of
64m x 34m in length and width and with a height of 6 m. The
slopes of the embankment were constructed with a 2H:1V
inclination. Figure 2a and 2b show the details of instrumented
trenches for Section 1 and 4, respectively.

Figure 2. Details of the instrumented trenches
2.2

Construction and Instrumentation

The site was leveled and topsoil was removed prior to the
construction of the test embankment. A 1.5 m wide trench was
excavated to a depth of 3m. 1m above the bottom of trench,
trench slopes were cut to 1H:1V to maintain the integrity of
trench side slopes during the construction (see Figure 2). Two
drainage sumps are installed at each end to maintain a dry
condition in the trench. The base of the trench is filled with a
300mm thick compacted granular pad comprising Granular-A
(OPSS 314). Then, the installation of earth pressure cells was
initiated. Earth pressure cells with vibrating wire pressure
transducers were used. The earth pressure transducers were
placed at the bottom (3m from the grade) and the mid-height
(1.5 m from grade) of the trench with horizontal and vertical
orientations in order to allow measurement of vertical and
horizontal pressures, respectively. The pressure transducers
were placed in a 0.5m x 1m x 1m granular protective surrounds.
The granular surrounds were constructed as lightly compacted
at mid-height pressure cell and well compacted at the bottom
pressure cell to see the effect of the surround compaction on the
measured stresses. The protective surrounds, which were
constructed to eliminate a possible damage to pressure cells
were constructed using steel separators in four sides. The steel
separators separate the lightly compacted and well compacted
granular surrounds from compacted Granular-A, which
constitutes the rest of the fill material in the trench. The steel
separators were removed as the level of granular surrounds
reached 0.5 m height. A total of 2 transducer couples (vertical
and horizontal) were installed at the bottom and mid-height of
each trench for each section and an additional transducer is
installed at the interface between trench backfill and
embankment. The trench backfill encapsulating granular
surrounds, comprise Granular A compacted to 95% of Standard
Proctor Dry Density. The pneumatic lines were extended
through a PVC pipe, which followed the edges of trench and
connected to a monitoring station.
The embankment was constructed using native cohesive soils in
the area. The soil was placed in the lift of 300mm and
compacted to 95% of Standard Proctor Dry Density. The
portion of the embankment fill immediately above the trench
was placed by hand and compacted by self-propelled
compaction equipment (Bomag BW65S) in order to protect
against heavy machine loading used for compaction of
embankment fill. The embankment fill, including the zone
above the trench, is compacted using regular compaction
equipment after fill height reached 1.3 m.

Figure 1. Plan and Profile of Test Embankment
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3

NUMERICAL MODEL

In order to investigate the stress reduction mechanism of
geogrid bridging, finite element analyses (FEA) were carried
out using the software package Plaxis 2D (Plaxis bv. 2011).
Two sets of numerical models were developed to analyze
stresses generated in cases of PPM installation (Section 1) and
the 3 m wide at-grade geogrid bridging, GB (Section 4)
installation. An elastic-plastic soil model with Mohr-Coulomb
failure criterion is used during the simulation of full scale field
test due to the simplicity of the model and availability of model
parameters.

* unit weight varies with depth
+ in HSM m=0.5 and Eur = 3E50

Layer 1
Layer 2
Embankmen
t Fill
Trench Fill
Lightly
compacted
surrounding
Well
compacted
surrounding

The strength parameters were determined and reported in a
geotechnical investigation and design report prior to the
construction of test embankment. However, no direct
determination for the stiffness properties of soil was performed.
Thus, elastic moduli for various soils were determined based on
experience and calibrated against the deformation of
embankment. The stresses within the trench were affected by
the stiffness of the granular fill. Thus, the hyperbolic hardening
soil model from the Plaxis’ library was used to model the stress
dependent variation of stiffness of the fill materials within the
trench. A fully fixed boundary condition was applied at the base
of the models. The lateral boundaries of the models were placed
such that a distance equal to five times of embankment width
was maintained between the toe of the embankment and the
external boundaries of the soil domain, which is assumed to be
free in vertical direction and fixed in horizontal direction. The
subsurface conditions were determined using three boreholes
drilled within the footprint of embankment. The soil
stratigraphy comprises clayey-silt-till/silty-clay-till from ground
surface to a depth of 10 m (Layer 1). The Layer 1 is underlain
by a layer of silt/silty-clay layer to a depth of 20 m (Layer 2).
The embankment was constructed using native clayey silttill/silty-clay-till material. Table 1 summarizes the mechanical
properties of foundation soils, embankment fill and the
materials that comprise the trench fill.
4
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Figure 3. Compression of the FEA results with the vertical stress data
obtained from the field test at the foundation-embankment interface.

RESULTS AND DISCUSSION

The results of the field test are presented here along with the
results of the FE analyses performed to investigate the trends of
stress variations measured during the field tests using the
estimated soil properties. The accuracy of the numerical
analyses is subjected to realistic material property assumptions.
The comparisons of the measured and calculated stresses for
PPM and GB installations show that despite local differences in
the magnitudes of stresses, the similar trends of stresses are
captured using the material properties outlined in Table 1. The
complex geometry of embankment-trench system and the use of
material with different stiffness values around the load cells
make the stress regime within the trench very complex both in
field test and numerical analyses. Thus, the main objective was
to show the influence of the geogrid bridging on the stresses
occurring in a trench, rather than presenting an exact stress
values that may occur in a conduit installation.
Figure 3 shows the variation of vertical stresses measured at the
foundation-embankment interface (cell 5) with the embankment
height. As it can be seen from Figure 3, the vertical stresses
show a typical increase that is almost linearly proportional to
depth of embankment.
4.1

Unit
Constitutive
Weight
Modeling
(kN/m3)
MC
22

Stresses Measured at Mid-height of the Trench (1.5 m)

Figure 4 shows the variation of the vertical and horizontal
stresses that were measured at 1.5 m depth in the trench (cells
1and 2, vertical and horizontal pressure cells for PPM; and cells
17 and 18, vertical and horizontal pressure cells for GB) and its
comparison to the stresses predicted by the FE analyses.

The results indicate that there is a reasonable agreement
between measured and calculated vertical and horizontal
stresses. The results shown in Figure 4a indicate that the vertical
stresses increased as the embankment height was increased.
This increase ranges from 45 kPa to 76 kPa for PPM installation
and from 45 kPa to 60 kPa for GB installation for embankment
heights of 1m and 6 m, respectively. The results indicate that
22% reduction in vertical stresses was achieved by the use of
GB installation when the full embankment height is reached.
The horizontal stress showed an inverse trend. The results
shown in Figure 4b indicate that the increased embankment
height increased the horizontal stresses from 11 kPa to 29 kPa
for PPM installation and from 18 kPa to 33 kPa for GB
installation. The results indicate that the use of GB installation
increased the horizontal stresses relative to those generated by
PPM installation. This increase was as high as 60% at the start
of embankment construction. However, the difference
weakened as the embankment height increased.
The results also show that both vertical and horizontal stresses
measured/calculated at the 1.5 m depth are substantially lower
than the values one would practically approximate using the
depth of overburden and the unit weigh of material. Such
reduction is caused by lightly compacted uniform granular
surrounding, which has a substantially lower stiffness that
reduced the magnitude of both vertical and horizontal stresses.

Table1. The parameters used in the FEA.
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The measurements that were obtained both during and after
construction of a full-scale test embankment and results of
numerical modeling that helped clarify mechanisms of stress
reduction were presented. The performed analyses showed that
geogrid bridging has potential to reduce the stresses on buried
infrastructures at shallow depths; however, the magnitude of
reduction reduces with depth as the arching effect decreases.

Figure 4. Compression of the FEA results with the vertical and
horizontal stresses data obtained from the field test at 1.5 m depth.

4.2

Stresses Measured at the Bottom of the Trench (3 m)

Figure 5 shows the variation of the vertical stresses that were
measured at 3.0 m depth in the trench (cells 4 for the PPM and
20 for the GB) and its comparison to the stresses predicted by
the FE analyses. Pressure Cells #3 and 19 that measures the
horizontal stresses were damaged during construction, thus
Figure 5b shows only the results of the FEA for these cells. The
stresses at this depth are also complex since their magnitude is
influenced not only by the installation method (i.e. the existence
of the 3 m wide crib in GB) but also the stress arching caused
by the lightly compacted surrounding above this location. The
measured and calculated stresses show a reasonable agreement
at this depth as well.
The results shown in Figure 5a indicate that the measured
vertical stresses increased as the embankment height was
increased. This increase ranges from 78 kPa to 140 kPa for PPM
installation and from 70 kPa to 125 kPa for the GB installation
for embankment heights of 1m and 6 m, respectively. The
results indicate that 11% reduction in vertical stresses is
achieved by the use of GB installation when the full
embankment height was achieved.
The results shown in Figure 5b indicate that the increased
embankment height increased the horizontal stresses from 23
kPa to 47 kPa for PPM installation. It should also be noted that
the difference between the horizontal stresses occurred at PPM
and GB cases was not as pronounced at this depth, possibly due
to the higher stiffness of well compacted granular surround and
as the depth increase the arching effect due to the 3 m wide
geogrid bridging softens.
5

Figure 5. Compression of the FEA results with the vertical and
horizontal stresses data obtained from the field test at 3.0 m depth.
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SUMMARY AND CONCLUSION

A full scale instrumented test embankment was constructed by
Ontario Ministry of Transportation to study the effects of
embankment construction on the existing underground utilities.
The test embankment comprised four sections which facilitated
the evaluation of four configurations including the conventional
backfill, induced trenching and two at-grade geogrid reinforcing
bridging with different spans. Each configuration consisted of a
3 m deep trench underneath a 10 m wide, 10 m long and 6 m
high embankment section. The earth pressure cells were
installed to monitor stresses at the fill/ground interface and at
the depths of 1.5 m and 3 m. A numerical model of the full scale
instrumented test embankment was developed using the finite
element program PLAXIS. Both measured and estimated
material properties were utilized in the numerical analyses to
reproduce the trends of changes in stresses as a result of
installation methods. This paper presents the results of stress
measurements in a utility trench overlain by an embankment.
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ABSTRACT: This paper reports the ground improvement and excavation of a cross passage between two shield tunnels for the
construction of Tu-chen Line of Taipei Rapid Transit Systems. Jet grouting was conducted for soils around the cross passage before
the tunneling with the shield machine. Water-leak tests were conducted to detect any possible crack in the JSG soilcrete, and chemical
grouting was conducted from the shield tunnel to fill any possible crack. It is concluded that the subsurface conditions encountered at
great depths might be quite complicated. The geotechnical engineer should never overestimate the watertight characteristics of the
soilcrete formed around the cross passage by jet grouting and chemical grouting. Under the threat of high water pressure, the
contractor is suggested to bear the multiple-defense-lines concept to keep the excavation work on the safe side.
RÉSUMÉ : Cet article rapporte la amélioration de terrain et la excavation d’un passage au travers entre deux tunnels bouclier pour la
construction de la Ligne Tu-chen des Systèmes de Transit Rapide de Taipei. La injection a été conduit aux sols autour de la passage
au travers avant la machine bouclier à percer. Les essais de fuite d’eau sont été conduit à détecter un éventuel fissure dans la
béton-sols de JSG, et la injection chimique a été conduit aux les fissures rimplies a partir de tunnel bouclier. Il est conclut que les
conditions de surterrain rencontrées dans les différentes profondeurs peut-être assez compliquées. L’ingénieur de géotéchnique devrait
jamais suréstimer les caractéristiques de étanchéité de béton-sols formés autour de la passage au travers par la injection chimique.
Sous la menace de haut pression d’eau, l’entrepreneur est suggéré de s’apporter le concept de multiple-défense-lignes à garder le
travail d’excavation dans un bon côté.
KEYWORDS: cross passage; jet grouting; ground improvement; tunnel; water leak test.
1 INTRODUCTION
The mass rapid transit (MRT) system is one of the most
efficient transportation methods in metropolitan areas.
However, the densely-populated traffic movements are
restricted in a small and close environment. In case of an
emergency, such as a fire in an underground tunnel, it might be
very difficult for the passengers to evacuate and could easily
cause exceedingly heavy casualties and loss of lives.
The National Fire Protection Association (NFPA) required
that, to minimize the damage, cross passages between the MRT
main tunnels should be constructed for safety and evacuation
N
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Figure 1. Location of MRT tunnels and cross passage.

2 GROUND IMPROVEMENT FOR CROSS PASSAGE

To Fuzhong
Station

SB-16

MRT DT
tunnel

reasons. In the design and construction of Taipei MRT,
Kaohsiung MRT and Taoyuan International Airport MRT in
Taiwan, a cross passage must be fabricated for every 250 to 500
m of single-circular double-tube tunnels.
It should be noted that the excavation of an underground
cross passage is a highly risky operation and many associated
accidents were reported in the literature. Under the threat of
high water and earth pressure, an opening have to be cut on the
steel lining segment of the completed main tunnel. The
excavation of the cross passage was carried out under the
indefinite protection of the improved ground, steel supports and
assembled steel segments. In case of an accident during the
excavation of the cross passage, the groundwater and soils
might flow into the excavation zone, causing large amounts of
ground loss, and induce excessive ground movements which
might damage the completed main tunnels. In this paper, the
ground improvement and construction of the cross passage for
lot CD266 of Taipei MRT is introduced.

2.1
TC-B01

Project description

Construction lot CD266 of the Tu-chen Line of Taipei MRT
included the Far Eastern Hospital station, Fuzhong station, and
two sections of shield tunnels. In Figure 1, the cross passage
between two MRT tunnels is located on the Nan Ya South
Road, in the south-west of the lacustrine Taipei basin. Based on
the data from boring SB-16 (Sinotech Engineering Consultants,
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Jet
grouting
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6.1m

30
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23m

Figure 3. Section of JSG ground improvement for cross passage.

Sublayer IV
Silty clay (CL)
N = 14-22
w = 23.3-33.1%
wL = 22-46
wP = 2-20

Fang et al. (1993, 1994a, 1994b).
3 CONSTRUCTION OF CROSS PASSAGE

26m

passage

3.1

Sublayer III
Silty sand (SM)
N = 16-23
w = 16.9-23.8%

Drainage
sump
35m

Figure 2. Geological profile for excavation of cross passage and
drainage sump. (after Continental Engineering Corp., 2003)

1992), Figure 2 shows the geological profile adjacent to the
cross passage. In the figure, the groundwater table was at about
7 m below ground level.
Figure 2 shows the cross passage was constructed at the depth
of 24.7 to 29.3 m. Plus the 4.4 m-deep drainage sump, the
excavation was extended to the depth of 33.7 m. Soils excavated
for the cross passage included silty clay (classified as CL) and
silty sand (classified as SM). Engineering properties of these
soil deposits, such as the natural water content w, standard
penetration test blow count N, liquid limit wL and plastic limit
wP were indicated in Figure 2.
JSG (Jumbo Special Grout) operation was completed before
the shield machine arrived. Based on the size of the cross
passage and the recommendations of the Jet Grout Technical
Information (JJGA 1990), the grouting zone was 13.5 m-high,
and 8.2 to 23.5 m-wide as illustrated in Figure 3. Figure 4
shows a total of 168 1.4 m-diameter JSG piles were fabricated.
2.2

JSG operation and quality control

Due to the pushing, cutting and disturbing of the cutter disc of
the EPB shield tunneling machine, cracks and discontinuities in
the improved ground might be induced. As a result, the
water-leak test on the jet-grouted body became necessary.
Figure 5 shows holes were drilled from the tunnel to the
soilcrete to investigate the quality of ground modification. The
holes should not penetrate the improved ground as to create new
intruding paths for groundwater. When a significant amount of
water-leak was measured in the tunnel (see Figure 6), additional
chemical grouting was conducted as indicated in Figure 7. Low
pressure grout with a mixture of water-glass and SL reaction
agent was injected to the improved ground to seal all water
paths around the cross passage.
To repress the inflow of groundwater at the face of
excavation, and to increase the safety of construction, the
compressed-air method was employed. The air-lock used is
shown in Figure 8. For most of the working days, the air
pressure was kept at 60 to 80 kPa, and the maximum air
pressure used was about 180 kPa.
For the mining of the cross passage, circular holes were cut
on the steel segments of the main MRT tunnels. The load
release on the opening would cause a redistribution of pressure
on the tunnel lining, and a possible stress concentration on
adjacent lining segments. For this reason, Figure 9 shows the
contractor fabricated octagonal steel reinforcements on both
sides of the opening in the tunnel for protection.
3.2

The technique of JSG utilizes high-pressure water-cement jet
streams (sheathed with air pressure) to cut, replace and mix with
native soils. For every 1 m3 of jet grout, 600 kg of type I
Portland cement was mixed with 0.81 m3 of water. The jetting
pressure was controlled at 19.6 MPa (200 kgf/cm2), and the rate
of flow was 0.06 m3/min. The air pressure used was 0.6 to 0.7
MPa (6 to 7 kgf/cm2). The grouting rod was controlled to rotate
at 6 to 7 r.p.m., and to uplift at the speed of 2.0 m/hr.
After ground improvement, soilcrete cores were drilled and
field permeability tests were carried out. The minimum core
recovery of 80% and the maximum coefficient of permeability
of 1 x 10-7 m/s were required for the improved body. 28 days
after grouting, the design specification requires the uniaxial
compressive strength of sample obtained from sandy and clayey
layer should reach at least 2.94 MPa (30 kgf/cm2) and 0.98 MPa
(10 kgf/cm2), respectively. For more information regarding the
JSG application for the construction of Taipei MRT, the reader
is referred to Fang and Chung (1997), Fang and Yu (1998), and
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Preparation

Excavation

The excavation of cross passage was conducted manually. The
digging was divided into four parts: (1) top heading (the upper
part); (2) bench (the middle part); (3) invert (the lower part);
JSG  = 1.4 m

6.1 m
5.6 m

Down-Track
Tunnel

Drainage
sump

Cross
passage

Up-Track
Tunnel

9.4 m

Figure 4. Plan of JSG ground improvement for cross passage.
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result in exceedingly serious consequences. When facing such
potential hazards, to reduce the risk of construction, the
designer is suggested to adopt the following “Multiple Lines of
Defense” strategy.
4.1

First line of defense - jet grouting

For this project, the first line of defense for the excavation of
cross passage is the JSG ground improvement. The diameter of
the jet-grouted pile was assumed to be 1.4 m. However, the
actual JSG pile diameter at the depth of 35 m was hard to
justify. Besides, the grouting rod was assumed to be totally
vertical. Any slight tilting of the grout rod from verticality may
cause the bottom of the soilcrete pile to deviate laterally. The
resulting discontinuity of the improved ground could create a
path for the invading groundwater.
Figure 5. Holes drilled for water-leak test.

4.2

and (4) drainage sump. For every 0.5 m of top heading mining,
the top part was supported by the assembled steel
lining-segments. The void between the improved ground the
segment was backfilled to prevent any segment movement.
For every 0.5 m of downward digging for the drainage sump,
the shaft was supported with an assembled steel segment ring,
and the void behind the ring was backfilled with grouting
materials. Even with the JSG grouting, additional chemical
grouting, and water-leak test, small amount of groundwater
seep-in was observed in the unlined drainage sump. With the
help of compressed-air, the amount of groundwater seep-in was
minimized and pumped out of the sump before lining. Lot
CD266 of Taipei MRT was completed and started to operate on
May 31 of 2006.
It should be noted that the soil and groundwater conditions
encountered below the depth of 30 m could be quite
complicated. The geotechnical engineer should never
overestimate the effects of jet grouting and chemical grouting.
Under the threat of the tremendous groundwater pressure, to
keep the construction on the safe side, it is suggested to
maintain a cautious attitude and take conservative measures.
4 MULTIPLE LINES OF DEFENSE
For Lot CD266 of Taipei MRT, the groundwater table was
located at about 7.0 m below ground level. The bottom of the
drainage sump was located at the depth of 33.7 m, at which the
excavation zone must be able to resist 26.7 m of pressure head.
Under the challenge of this immense groundwater pressure, any
micro-crack in the improved ground might cause water and soil
to stream into the excavation zone; carry away ground materials
near the cross passage, damage the completed main tunnels, and

Figure 6. Water-leak test before cross passage excavation.

Second line of defense – water-leak test and chemical
grouting

The disturbance of improved ground by the boring of the shield
machine might create new cracks and fissures in the soilcrete
body. For this project, the water-leak test and the following
additional chemical grouting served as the second line of
defense.
4.3

Third line of defense – compressed air

If the first and second defense lines were insufficient to resist
the groundwater inflow driven by the tremendous pressure head,
the compressed air method was used as the third line of defense.
The compressed air was an effective measure to repress the
seep-in of groundwater in the excavation face of the drainage
sump.
4.4

Fourth line of defense – safety gates

In case the jet grouting, leak-test and addition grouting, and
compressed air methods all failed to resist the invasion of the
groundwater, the fourth defense line could be activated. This
simple and effective method is to fabricate three steel gates at
the top of the drainage sump, and at both ends of the cross
passage (see Figure 10). If the break in of groundwater appears
irresistible, in the worst case scenario, the tunneling crew could
simply shut the emergency gates. The flow of groundwater and
loss of ground will be confined in a small and restricted zone.
The contractor should never be overconfident as to give up this
last line of defense.
5 CONCLUSIONS
In this paper, the ground improvement and construction of

Figure 7. Additional chemical grouting in tunnel before cross passage
excavation.
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engineer should never overestimate the effects of jet grouting
and chemical grouting. Under the threat of the tremendous
groundwater pressure, to keep the construction on the safe side,
it is suggested to maintain a cautious attitude and take
conservative measures. When facing potential underground
hazards, to reduce the risk of construction, the designer is
suggested to adopt the “Multiple Lines of Defense” concept.
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Figure 8. Air-lock of compressed-air operation for cross passage
excavation.

Figure 9. Octagonal steel-beam reinforcement inside tunnel.

cross passage for lot CD266 of Taipei MRT is introduced. For
this project, the excavation zone at the bottom of the drainage
sump must be able to resist 26.7 m of pressure head. Under the
challenge of this immense groundwater pressure, any crack in
the improved ground might cause water and soil to flow into the
excavation zone; carry away ground materials near the cross
passage, damage the completed main tunnels, and result in
exceedingly serious consequences.
It should be noted that the ground conditions encountered at
great depths could be quite complicated. The geotechnical

Figure 10. Steel safety-gates at the end of cross passage.
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Auscultation et Instrumentation de démonstrateurs d’alvéoles de stockage
au CMHM
Monitoring and Instrumentation of demonstrators storage cells (CMHM)
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RÉSUMÉ : Le programme multidisciplinaire (géologique, hydrogéologique, géochimique et géomécanique) engagé par l’Agence
Nationale pour la gestion des Déchets Radioactifs (ANDRA) dans le laboratoire souterrain de recherche situé à Bure (Centre Meuse /
Haute-Marne : CMHM) comporte un certain nombre d’expérimentations destinées à évaluer la constructibilité, la sûreté et la
réversibilité d’un éventuel stockage de déchets radioactifs dans les argilites du Callovo-Oxfordien. Dans le cadre de ces projets, EGIS
Géotechnique a été chargé d’assurer des missions d’instrumentation sur des prototypes d’alvéoles de stockages (de diamètre 70cm et
de 40 m de longueur). Des dispositifs spécifiques ont ainsi été développés par EGIS dans le cadre de ces expérimentations
scientifiques afin d’analyser le comportement de ces ouvrages souterrains.
ABSTRACT: The multidisciplinary program (geological, geochemical, hydrogeological and geotechnical) hired by the National
Agency for the management of radioactive waste (Andra) in the underground laboratory of research in Bure (CMHM) has a number
of experiments designed to evaluate constructability, safety, and the reversibility of any storage of radioactive waste in the CallovianOxfordian clays. These projects EGIS geotechnical was responsible for ensuring the mission of instrumentation of the prototypes of
cell preparations (40 m long and 70 cm diameter). Specific devices were developed by EGIS as part of these scientific experiments to
analyze the behavior of these underground structures.
MOTS-CLÉS : Géotechnique, instrumentation, Laboratoire Souterrain, alvéole, stockage, capteurs.
KEYWORDS: Geotechnical, instrumentation, Underground laboratory, cell, storage, sensors.

1

INTRODUCTION

Dans un cadre législatif datant de 1991, l’Andra a construit sur
la commune de Bure (Nord-Est de la France, limite Meuse /
Haute-Marne) un laboratoire de recherche souterrain, dans
lequel ont été mises en œuvre des expérimentations à caractère
scientifique et technologique.
Les ouvrages souterrains de ce laboratoire comprennent :


un puits d’accès de 5 m de diamètre fini, et de 500 m de
profondeur,



un puits auxiliaire de 4 m de diamètre fini, et de 500 m de
profondeur, distant de 100 m du puits principal,



une galerie d’expérimentations, située au niveau 445 m à
partir du puits d’accès,



un réseau de galeries accessible à partir du niveau -490 m.

Le schéma du laboratoire est présenté ci-dessous :

Figure 1. Schéma d’implantation du laboratoire (CMHM).

Le présent article concerne l’auscultation et instrumentation des
alvéoles HA (nues ou avec chemisage acier) proposées par Egis
Structures et Environnement (Egis Géotechnique) : Auscultation
vidéo, mesures de section et trajectomètrie géoréférencées puis
instrumentation des alvéoles par mesures de convergence
longue durée selon des sections instrumentées associées à des
mesures de température et humidité relative, mesures
d’humidité relative au sein des chemisages, mesures de
déformation locale par jauges extensométriques et mesures
réparties de température et déformation par technologie à fibre
optique.
Nous rappelons ci-après le concept des alvéoles HA qui consiste
en un tunnel horizontal borgne d’au moins 80 m de long et
d’environ 700 mm de diamètre, équipé d’un chemisage
métallique d’au moins 25 mm d’épaisseur sur toute sa longueur.
La configuration horizontale de l’alvéole justifie la présence de
ce chemisage pour contenir la convergence des argilites et
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permettre la mise en place et le retrait éventuel des colis de
stockage pendant la période séculaire de réversibilité.
L’alvéole comporte une partie «utile» destinée au stockage des
colis de déchets, et une tête d’alvéole destinée à la fermeture de
l’alvéole.
La figure 2 ci-après représente ces alvéoles.

déplacement, puis ces derniers permettant des mesures au
10ème de mm.
Contrôle de l’orientation par un capteur inclinométrique(3)
embarqué
Mesure de température et humidité(4)




Figure 4. Vue d’ensemble d’une Section de Mesure de Convergence.

Ces dispositifs présentent l’avantage de pouvoir être couplés
(par exemple, 4 sections de mesure ont été mises en place dans
une alvéole de 20m), adaptés aux sections des alvéoles (prises
en compte des hors-profils, breakouts,…) et ils demeurent
amovibles.

Figure 2. Schéma de principe des alvéoles HA.

2

AUSCULTATION VIDÉO

Un dispositif d’auscultation vidéo a été spécifiquement modifié
et développé par Egis pour l’observation détaillée de ces
alvéoles. Ce matériel permet de réaliser un relevé vidéo et photo
précis ainsi que des mesures de trajectomètrie et mesures de
sections géoréférencées car couplé à un théodolite motorisé. La
figure 3 ci-après représente ce robot.

Figure 5. Dispositif de Mesure de convergence en tête d’alvéole nue.

La figure suivante représente l’évolution des convergences les
plus significatives sur trois rayons sur une période de 5 mois
après le creusement. On observe des valeurs entre 6 et 10mm
(pour un diamètre d’alvéole de l’ordre de 70 cm) non stabilisées
et illustrant le caractère anisotrope des convergences.
12

10

Convergence (en mm)

Figure 3. Robot d’auscultation vidéo en tête d’alvéole chemisée.

Les mesures d’auscultation vidéo permettent d’obtenir des
informations sur la trajectomètrie de l’alvéole creusée avec une
précision de ± 1 à 2mm. Les mesures de sections réalisées avec
le télémètre laser associé à la caméra articulée sont réalisées
avec une précision millimétrique sur le diamètre. D’autre part,
le zoom optique de la caméra permet de détecter des fissures
dont la dimension pourrait être de l’ordre du dixième de
millimètre.
3
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DISPOSITIF DE CONVERGENCE

Afin d’effectuer, en continu, les mesures de convergence des
alvéoles HA, EGIS Géotechnique a conçu, réalisé et mis en
place des dispositifs mécaniques (Cf. Figure 4 ci-après) dont les
principaux éléments sont :


8

6 roues disposées à 120° (tripodes) afin d’assurer le
centrage du dispositif de mesures.
8 couples vérin(2)/capteur(1) de déplacement : le vérin
permettant de rétracter les tiges des capteurs de

Figure 6. Evolution des convergences d’une alvéole nue, post
creusement.

4

ALVÉOLES CHEMISÉES

Des alvéoles chemisées de 20 à 40 m (soutènement acier de
20mm d’épaisseur) ont également été réalisées par l’Andra.
Afin d’étudier le comportement mécanique et thermique de ces
ouvrages, des instrumentations ont été spécifiquement
développées. Les capteurs suivants ont été mis en œuvre :
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jauges de déformations dans les 3 directions, en parties
interne ou externe du chemisage,
capteurs d’humidité relative de l’espace annulaire,
cannes de convergences horizontales et verticales,
capteurs de pression d’eau dans l’espace annulaire,
capteurs de pression totale appliquée au chemisage,
capteurs de déplacement, reprise de jeu chemise / roche,
ligne de capteurs de température (pour les sollicitations
thermiques des alvéoles),

La figure suivante représente un lamage interne du chemisage
dans lequel des jauges de déformations (et électronique
intégrée) ont été micro soudées pour mesurer les déformations
locales des chemises engendrées par les contraintes transmises
par le massif d’argilites.

Figure 8. Simulation 3D d’une chemise (Ø 70 cm, l=2m) et d’un capteur
d’effort intégré dans le chemisage.

Nous précisons que l’ensemble de ces dispositifs a été testé en
vraie grandeur au sein du laboratoire d’Egis Géotechnique. A
l’aide d’un packer cylindrique creux et d’un tube de réaction,
des tests mécaniques de contraintes jusqu’à 50 bars ont été
menés sur ces chemises instrumentées de 2m de longueur. Ces
essais nous ont permis de valider nos chaines d’acquisition
avant de les mettre en œuvre dans le laboratoire souterrain de
l’Andra.
5

Figure 6. Photo de montage d’un clinquant équipé de jauges et
électronique de lecture intégrée.

La figure suivante illustre l’instrumentation de 4 sections d’une
alvéole chemisée de 40 m de longueur. Le graphe permet de
visualiser l’évolution de l’humidité relative à différentes
profondeur, dans l’espace annulaire sur une période de l’ordre
d’un an. On constate qu’à partir de 15m de profondeur
l’humidité relative a rapidement atteint une valeur palier entre
95% et 100% tandis que la section de mesure située à 7m (à
proximité de la tête de l’alvéole et par conséquent proche du
système de ventilation des galeries) montre des valeurs plus
fluctuante et parfois inférieures.

INSTRUMENTATION PAR FIBRE OPTIQUE

En parallèle des instrumentions dites « classiques » dans le
domaine de la géotechnique, des capteurs plus innovants
utilisant la technologie à fibre optique ont été mis en place.
Il s’agissait de mettre en place plusieurs fibres optiques le long
du chemisage de 40m (en externe et en interne) pour mesurer le
comportement thermomécanique « global » du chemisage. Une
fibre optique pour acquisition d’un profil de déformation (dont
la résolution spatiale est entre 50 cm et 1m) a été fixée sur la
génératrice intérieure haute du chemisage ainsi qu’une fibre
relative à un profil de température. Une fibre optique renforcée
a été positionnée à l’extérieur sur la partie haute de l’alvéole
pour la détection de chutes de blocs / breakouts.
Les mesures ont été effectuées avec des interrogateurs
permettant les analyses des rétrodiffusions Brillouin pour la
mesure de déformation et l’analyse de la rétrodiffusion Raman
pour la mesure de température.
La figure suivante synthétise l’ensemble de la chaine de mesure
au sein du laboratoire souterrain de recherche (depuis l’alvéole
jusqu’à une distance déportée de 200 m de galerie et une baie
spécifique fibre optique contenant l’enregistreur de type
BOTDA (Brillouin based Optical Time Domain Analysis) qui
est basée sur le principe de rétrodiffusion stimulée. L’avantage
de ce type d’analyseur est qu’il permet d’obtenir un meilleur
signal sur bruit et une meilleure précision de mesure. En
revanche le système doit être bouclé.

Figure 7. Evolution de l’humidité relative selon 4 sections de mesure, au
sein d’une alvéole chemisée de 40m, pendant 1 an.

Des expérimentations sont en cours sur un démonstrateur
d’alvéole chemisée qui sera sollicitée thermiquement jusqu’à
90°C afin de simuler la présence de colis de déchets HAVL
(Haute Activité et Vie Longue). Des capteurs de pression totale
ont été développés spécifiquement pour le projet pour
déterminer l’impact du comportement thermo-hydro-mécanique
du massif avoisinant sur le chargement mécanique du
chemisage. Le schéma ci-après représente ce capteur intégré au
chemisage. Une modélisation numérique de ce capteur a
également été » conduite pour contrôler son dimensionnement.
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Figure 9. Schéma conceptuel de la chaine d’acquisition Fibre optique,
de l’alvéole chemisée instrumentée jusqu’à l’enregistreur BOTDA.
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Figure 10 Essais de chargement de 50 à 465 kg sur banc de test
constitué d’un tube métallique et d’une fibre optique fixée par brides
inox courtes espacées de 50 cm.

Une série de tests en laboratoire à Egis a été conduite afin de
contrôler le comportement des différentes fibres optiques sous
sollicitations mécaniques et thermiques. D’autre part les
différentes méthodes de fixation des fibres ont été étudiées
(collage, brides, gaine résinée intégrant les fibres, …). Le
graphe (figure 10) précédent regroupe des essais de chargement
sur un tube métallique équipé d’une fibre optique. Chaque
courbe de couleur représente le décalage de la fréquence
Brillouin le long de la fibre optique pour une charge donnée.
6

CONCLUSION

L’auscultation des alvéoles nues ou chemisées permet
d’apporter des informations complémentaires sur le
comportement des argilites du Callovo oxfordien et sur l’état de
surface de la paroi du massif.
Les relevés photos et vidéos géoréférencés fournissent des
indications qualitatives précises sur l’état de surface du massif
creusé ainsi que sur le résultat de la technique de creusement
retenue pour les essais de démonstration. Les mesures de
sections (au télémètre laser) et la trajectomètrie complètent cette
analyse.
En complément, les dispositifs de convergence permettent
d’effectuer un suivi de longue durée de l’évolution des
convergences (ainsi que température et hygrométrie). On a ainsi
pu constater que le massif converge principalement suite à
l’excavation et la libération des contraintes. Par la suite, les
vitesses de convergence diminuent et évoluent plus lentement
(fluage) pour tendre vers une stabilisation. D’autre part, les
zones de breakouts au niveau de la génératrice haute et des reins
droits et gauches des alvéoles sont également observées et
mesurées.
L’instrumentation complémentaire en alvéoles chemisées
intégrant des mesures de déformations du chemisage, des
mesures de conditions hydriques à l’interface acier/roche et des
mesures réparties de température et déformations à l’aide de
fibres optiques permettent d’apporter des informations
supplémentaires quant aux modalités de mise en charge
mécanique du chemisage par le massif.
Les expérimentations en cours démontrent l’intérêt et l’avantage
de l’utilisation de la technologie fibre optique dans le domaine
de la géotechnique particulière (ouvrage souterrain à grande
profondeur et éventuels ouvrages futurs de génie civil non
accessibles à moyens termes).
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Stability analyses of underground structures cut into porous limestone
Stability analyses of underground structures cut into porous limestone
Contrôle de la stabilité des cavités souterraines réalisées dans le calcaire grossier
Contrôle de la stabilité des cavités souterraines réalisées dans le calcaire grossier
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ABSTRACT: Porous limestones are easy to cut and work with, therefore these stones were widely quarried and used as construction
materials worldwide. One typical occurrence is in Central Europe, Austria, Hungary, Slovakia and Czech Republic, where surface and
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INTRODUCTION

GEOLOGY

Cellars were cut into porous limestone of Miocene age. The
origin of the subsurface cellar system is related to quarrying,
since the stone has been used as a dimension and ornamental
stone for centuries in Budapest region. The porous limestone is
yellowish-white colour when it is freshly quarried. The quarries
still exist but most of them were operated during the second half
of the 19th century when construction activity was intense and
rapid development of the city was marked by construction of
public buildings.
Three main limestone types have been identified (Török
2002) and widely used in the buildings and monuments of
Budapest. The three lithologies are i) fine-grained limestone; ii)
medium-grained oolitic limestone and iii) bioclastic macroporous limestone. No significant difference of mineralogical
composition was found in the quarry samples, since the main
mineral is calcite (92-97%) in all lithotypes (Török 2003).
Minor amount of quartz and sand-sized lithic clasts are also
present according to XRD analyses. The biggest amount of non-

Stability of subsurface openings such as galleries or tunnels cut
into limestones are often endangered by the collapse of roofs
and side walls similarly to natural sinkholes (Waltham and
Fookes 2003, Xeidakis et al. 2004, Török et al. 2006, Farrant
and Cooper 2008).
Parise and Lollino (2011) demonstrated that for studying the
stability of man-made caverns cut into porous limestone both
field observations and numerical simulations can be used. In the
present paper rock mechanical data obtained from field
sampling and laboratory testing is used as input parameter for
the modeling of underground structures. Geometry of cellars
were also documented during the field survey and used for the
modeling. For the numerical simulations 4 different FEM
software ere used to evaluate the advantages and limitations of
the usage of computer codes in stability analyses of limestone
openings.
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carbonate components was found in medium-grained oolitic
limestone with maximum values of 8%, which is mostly given
by quartz and subordinately by feldspar.
3
3.1

one is about 106.5 m Asl. The geological set-up of the area of
the tunnel is showed in the table 1.

METHODS
Sampling, core drilling and laboratory analyses

Samples were obtained from underground structures and surface
quarries. Additionally where it was avilable core drillings were
made.
For the laboratory analyses samples were drilled and cut
from porous limestone blocks or core drillings were processed.
Cylindrical test specimens were used and the following rock
mechanical tests were made according to European Norms: bulk
and material density (EN 1936), ultrasonic pulse velocity (EN
14579), water absorption (EN 13755) uniaxial compressive
strength (EN 1926), indirect tensile strength.
3.2

Figure 1. The road and the railway above the tunnel

Numerical modelling

Different FEM codes were use to modell the cellars cut into
porous limestone such as Plaxis v8, Geo4 Tunnel module,
Phase2, Examine3D.
The first three codes use the same calculation methods but
they are able to use different material models. The Plaxis v8 and
the Geo4 are developed for modeling soils while the Phase2 is
for modeling rocky environment. In spite of it the Plaxis and
Geo4 can be also used for rocks but the Phase2 has some
specific material model for rock masses for example the HoekBrown model, and it is able to calculate with the anisotropy of
the rock masses.
The porous limestone can be described as soft rock or hard
soil, therefore all of these codes can be used for modeling its
behaviour. The rock mass of the porous limestone is usually can
be considered as intact rock or blocky according to the chart of
Marinos & Hoek (2000). The joint system of the limestone is
characterized by faults or bedding. The Phase2 has a good tool
for modeling the joints.
The geometry of the cellars sometimes very different, in the
area of Budapest can be found individual cellars, but sometimes
huge cellar systems as well. The cross-sectional area of them is
varies from 2 m2 to more than 100 m2 and there are cellar
systems which is above each other. The modeling of a cellar
system with such complicated geometry is not easy, sometimes
it is necessary to use 3D tools for example Examine3D. This
software is easy to use, but it is not able to consider different
layers and joints.
4

Layer

bulk density
(kg/m3)

friction
angle
(degree)

cohesion
(kPa)

rock mass
modulus
(MPa)

sandy clay
fill

1800

25

0

5

clayey rubble

1950

18

40

8

porous
limestone
rubble

1650

47

17

80

porous
limestone

1650

49

174

248

RESULTS

The paper provides three different cases on cellar system cut
into porous limestone. The first one is a more than a hunderd
years old individual cellar that was cut under a road and a
railway (Fig.1). There is a plan to enlarge the cross-section to
use the system as an access footpath to a huge cellar system.
The small cover above the tunnel is the major risk.
The second case is the study of the interaction of two cellar
systems, which are above each other.
The third case study deals with a cellar that is located just 3
metres below the surface. According to plans a new house is to
be built above.
4.1

Table 1. Layers and its parameters used for modeling

Tunnel enlargement

The area of the first and the second case study is located very
close to each other, namely the planed tunnel goes into the
cellar system of the second case. Thus the differences between
them are the vertical placements of the cellars. The base level of
the tunnel is at 102.8 m Asl., while the base level of the second

Figure 2. The tunnel with the concrete masonry support system

The cover of the tunnel is 1.3 m, and it has a concrete
masonry linning system (Fig.2).
Above the tunnel the clayey rubble layer is found, and
behind the tunnel lining the porous limestone rubble, while the
intact porous limestone only occurs under the base level of the
tunnel. The enlargement of it can be built by reducing the base
level of the tunnel. According to the drilling results behind the
concrete block masonry the void between the porous limestone
blocks are very high. Therefore the rock mass behind the
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linning should be grouted. Fig.3 shows the stresses in the
grouting zone obtained by using Plaxis 8.2.

The silty clay layer is not important from the point of view
of the stability of the cellars because it is the thin cover soil
layer of the porous limestone. Therefore it is not analysed.
In the studied cross-section the cellars are above each other
(Fig. 5). The height of the vaults at the right side of the Fig. 5 is
5 meters, and here the thickness of the cover is enough for
developing the arch effect above the vaults as it can be see on
Fig. 5.

Figure 3. The calculated stresses in the grouting zone

After the grouting, the enlarged cross-section of the tunnel
was examined with Geo4 Tunnel module. The safety factor of
the calculations is 1.69 (Fig. 4).

Figure 5. The stress distribution around the interacting cellars
calculated using Phase2 software

This calculation is a simplification of a 3 dimensional
problem. The geometry of the cellars is not planed and there is
no exact assesment available. Thus the three dimensional
modeling of the cellar system was not possible. The safety
factor of this cross-section was n=1.5 taking into consideration
the load of a huge wine barrel with volume of 30.000 l.
This is not a final result because the 3D model is also needed
and has to be calculated, therefore for the investigation the real
safety of this cellar the exact assessment of the geometry is
needed.
4.3
Figure 4. The safety factor of the enlarged section using Geo4

The results of this stability calculations suggest that the
enlargement of the cross-section of the tunnel can be made only
after grouting of the area behind the present linning structure.
The head of the tunnel can be excavated gradually at its base.
After the excavation of a short span, the linning should be
closed immediately.
4.2

Effect of surface loading on the stability of a cellar system

A building is planed above a cellar system cut into porous
limestone. The site plan of the buildig and bellow the cellars are
showed on Fig. 6. The yellow part of the figure shows the
pillars beetween the cellars. Black colour indicates the footing
of the planned house and dark grey sign the pillars which are
under the footing. As it can be seen on Fig 6. the cellars cover
about 70% of the area under the planned building.

Interaction of different cellar systems

There is a network of cellar systems in this area. They were cut
more than a hundred year before to explore limestone. It was
not known that they are so close to each other. Later on they
were used as wine cellars and now an underground “wine city”
is planned in them. Thus the two different cellar system planed
to be connected, and the safety of them has to be investigated.
The layers of the second cellar system is showed in the table
2. Under the upper silty clay layer the porous limestone is very
thick (about 15 meters), and in it there are some thin (about 0,5
meters) bentonite layers. The main geotechnical properties of
them are also shown in table 2.
Table 2. Layers of the second cellar system
Layers

density

sig c

(kg/m3)

(MPa)

sig t
(MPa)

silty clay

1900

-

-

porous
limestone

1510

1.60

0.41

E

ν

Figure 6. Site plan of the footing and the cellars

(MPa)

(‐)

-

-

The geological section consists of 0.3 m thick soil layer,
under it there is 0.8 m moderatly jointed porous limestone.
Under this layer the intact porous limestone is found with the
cut cellars.
In the intact porous limestone there is a 0.4 m thin bentonite
layer, which is located under the shoulder of the vaults of the
cellars. The cover of the cellar system is only 2.7 meters.

226

0.25
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Effect of brittle failure on deep underground excavation in eastern Taiwan
Effet de la rupture fragile sur l'excavation souterraine profonde dans l'est de Taiwan
Hsiao F.Y., Chi S.Y.

Sinotech Engineeering Consultant, INC., Taipei, Taiwan, Chinese Taipei

ABSTRACT: The excavation depth is increasing rapidly in Taiwan. The effect of brittle failure for hard rock was seldom studied in
Taiwan in the past. A serial of tri-axial compressive tests of marble were performed in this paper. Relatively small deformation occurs
prior to failure during loading, and under continued loading, the integrity of rock is destroyed with degrading rock strength. To
reasonably estimate the post-peak strength, the post-peak form of the Hoek-Brown failure criterion and the strength loss experiment
method was adopted to establish the relationship between strength loss parameter and confining stress. Furthermore, the numerical
modeling of an actual tunnel in eastern Taiwan was conducted to examine the impact of the post-peak strength degradation. The
analyses show that the effect of post-peak strength degradation on excavation deformation is progressively significant with increasing
the depth. Severe tunnel deformation may endanger the excavation stability in deep overburden. The strength degradation beyond
brittle failure plays an important role in the stability of deep underground excavation.
RÉSUMÉ : La profondeur d'excavation augmente rapidement à Taiwan. L'effet de la rupture fragile pour le hard rock a été rarement
étudié à Taiwan dans le passé. Série TA de tri-axiales essais de compression de marbre ont été réalisés dans ce document.
Déformation relativement faible se produit avant la panne pendant le chargement, et sous une charge continue, l'intégrité de la roche
est détruit avec résistance de la roche dégradants. Pour estimer raisonnablement la force post-pic, la forme post-pic du critère de
défaillance Hoek-Brown et la méthode de perte de force expérimentation a été adoptée pour établir la relation entre le paramètre de la
perte de force et de la contrainte de confinement. En outre, la modélisation numérique d'un tunnel réelle dans l'est de Taiwan a été
menée pour examiner l'effet de la dégradation de la résistance post-pic. Les analyses montrent que l'effet de la dégradation de la
résistance post-pic sur la déformation de l'excavation est progressivement significative avec l'augmentation de la profondeur.
Déformation du tunnel de grande taille peut mettre en danger la stabilité de l'excavation dans les profondeurs. La dégradation de la
résistance au-delà de la rupture fragile joue un rôle important dans la stabilité des excavations souterraines profondes.
KEYWORDS: Brittle failure, post-peak strength, numerical modeling , deep underground excavation

1

INTRODUCTION

Metamorphic hard rock extensively exists in eastern Taiwan.
The uniaxial compressive strength of the metamorphic rock in
this region is mainly in the range of 50-200 MPa. In general,
underground excavation in hard rock is normally stable at
shallow depth except for wedge failure. However, the
excavation depth is increasing in Taiwan, e.g. the maximum
overburden of 1188 m for Chungren Tunnel in Suhua highway
is being constructed. In high overburden stress condition, the
integrity of rock would be destroyed with degrading rock
strength. The post-peak strength degradation of brittle failure
would significantly affect tunnel behavior, including tunnel
deformation and the support pressure required, as portrayed in
Figure 1. Therefore, understanding both the peak and the postpeak strength are necessary for the stability assessment of deep
underground excavation.
Although many researches have been proposed on the
determination of peak strength of rock, only few attempts have
been made to estimate the post-peak strength of rock. Actually,
experiences from case studies or results from material tests are
the usually used method. For instance, the relations of sr=0.04s
and mr=0.65mb were suggested to estimate the post-peak
strength of jointed rock masses by Ribacchi (2000), where s and
mb are the Hoek-Brown peak strength parameters and the
subscript ”r” indicates residual values. Furthermore, the
relations of sr=0.04s and mr=0.65mb were presented to portray
the post-peak strength of muscovite schist by Crowder et al.
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(2006), which is obtained from the back analysis of
underground mining. The Mohr-Coulomb parameters of cr=0.1c
and r=0.9b were adopted to simulate the post-peak strength of
sandstone in a hydraulic tunnel by Kumar et al. (2008).
However, these suggestions for the post-peak strength
estimation are the individual case and the appropriateness on
different rock type or in different area needs to be re-examined.

Figure 1. Effect of post-peak strength variation of rock on tunnel
behavior

2

LABORATORY TESTS

Marble is one of major metamorphic rock types in eastern
Taiwan. To understand the post-peak characteristics of marble,
six sets of laboratory tests on marble, including uniaxial
compressive test and triaxial compressive test, were carried out.
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The specimens were circular cylinders having a height to
diameter ratio of 2.0 and a diameter of 54 mm. Five different
confining stresses from 0.05c to 0.8c were applied for each
triaxial compressive test, where c is the uniaxial compressive
strength of rock core.
According to the results of laboratory tests (as summarized
in Tab.1), the uniaxial compressive strength of marble is about
61-94 MPa. The typical stress-strain curves under different
confining stresses are shown in Figure 2. The characterization
of post-peak curves is strongly affected by the confining stress.
Under a low confining stress, the curve rapidly drops down to a
residual strength after reaching the peak strength, showing a
typical brittle behavior. With increasing confining stress, the
residual strength progressively increases and the stress-strain
curve does not drop down immediately after reaching its peak
strength. Simultaneously, the curve remains at the peak strength
for a period of time previous to dropping down. Rock behavior
become more and more ductile and eventually acts like an
ideally plastic medium under a high confining stress. However,
the rock masses surrounding a tunnel are actually in low
confinement condition due to the rapidly reduction of radial
stress near excavation. Tunneling behaviors are basically
dominated by the brittle feature of rocks.
Table 1. Summarized results of laboratory tests on marble in eastern
Taiwan
Test
Experimental results (stress unit：MPa)
No.
0
Confining stress
4
8
16
32
64
94
Peak strength
101 131 149 191 281
1
Residual strength
24
43
86
144 268
－
Confining stress
Peak strength
Residual strength

0
75

3

－

3.75
95
31

7.5
112
42

15
143
75

30
206
144

60
299
270

Confining stress
Peak strength
Residual strength

0
61
－

3
68
24

6
81
32

12
98
58

24
137
111

48
204
198

4

Confining stress
Peak strength
Residual strength

0
88

4.5
119
59

9
135
37

18
169
91

36
209
167

63
275
263

5

Confining stress
Peak strength
Residual strength

0
74
－

3.75
127
24

7.5
108
45

15
133
69

30
183
144

60
287
261

6

Confining stress
Peak strength
Residual strength

0
88
－

4.25
98
34

8.5
111
58

17
166
97

34
215
159

60
264
227

2

－

Figure 2. Typical stress-strain curves under different confining stresses
on marbles in eastern Taiwan (Test No.1 in Table 1)
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3
3.1

ESTIMATION OF POST-PEAK STRENGTH
Post-peak form of the Hoek-Brown failure criterion

The Hoek-Brown failure criterion is widely used in the
estimation of rock strength in rock engineering. However, the
phenomenon of post-peak strength degradation in brittle rock
was not considered in the criterion. Cundall et al. (2003)
presented a solution to quantify the strength degradation in
terms of the Mohr-Coulomb failure criterion by introducing a
strength loss parameter (β), as shown in Eq. 1:
 

1  3   cR mbR 3R  s
 c


a

where the post-peak parameters,  cR and

 cR  1    c

(1)

mbR are defined as

mbR  1   mb

(2)
(3)

The strength loss parameter varies as 0β1, such that =0
for no strength loss and =1 for residual strength condition.
Substitute Equation (2) and (3) into (1), the following equation
can be obtained:
a
 

(4)
1   3  1    c mb 3  s

c


The Hoek-brown parameter of mb is related to the friction
component of material. The amount of change is dependent on
the rock mass and type of failure. For example, in massive rock
mass that fails in a brittle manner, the value of mb should
experience a large reduction, whereas very weak rock that
behaves in a ductile manner should experience very low or no
reduction of mb. Another Hoek-brown parameter s is related to
the cohesive component of material. This parameter is basically
expected to decrease after failure. However, the value of s does
not change when the rock mass fails in Equation 4 because the
cohesion loss is concealed in the reduction of the unconfined
compressive strength σc (Hsiao et al. 2011). The post-peak
values for σc and mb can be assessed by multiplying the peak
values by the factor (1-).
3.2

Estimation of Strength loss parameter

The post-peak form of the Mohr-Coulomb failure criterion
proposed by Cundall et al. in 2003 is defined distinctly. The
conception of strength loss parameter has been adopted in the
evaluation of material softening in the hoekbrown model in
FLAC since 2005. However, the validity of the strength loss
parameter for different rock type or in different confining
pressure condition is still unknown.
A method proposed by Hsiao et al. (2012), so-called strength
loss experiment method, would establish the relationship
between strength loss parameter and confining stress by using
Equation 4 and the parameters of peak strength of intact rock. In
this paper, the strength loss experiment method was adopted to
evaluate the  value for each test showed in Table 1. Figure 3
illustrates the assessment results of the Test No.1 marble
specimen. The line with  equaled to 0 represents no strength
loss. With the increasing the , the post-peak strength of rock
would degrade progressively. Finally, the line with  equaled to
1 means the lowest residual strength. The post-peak strength is
closely related to confining stress so that each confining stress
would have a corresponding value of the strength loss parameter.
It was found the  value of 0.05, 0.3, 0.48, 0.7 and 0.8 may
represent the post-peak condition as the confining stress was 64,
32, 16, 8 and 4 MPa, respectively. Then the post-peak strength
for different confining stress condition can be calculated easily
by using Equation (2) and (3). The results of the calculation
showed that σcR = 89 MPa and mbR = 5.7 when σ3 = 64 MPa.
The other results are summarized in Table 2.
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4

300

Peak strength

=0.0

Residual strength

=0.1
=0.2
=0.3

200

=0.4

(MPa)

=0.5
=0.6
=0.7
=0.8

100

=0.9
=1.0

0

0

20

40

60

(MPa)

80

Figure 3. Schematic evaluation of the stress loss parameter by using the
post-peak form of the Hoek-Brown failure for the Test No.1
marble specimen
Table 2. Results of post-peak strength estimation for the Test No.1
marble specimen (stress unit: MPa)

Peak

Post-peak

Mechanical parameters

Confining
stress
(3)



c

－

0

94

64

0.05

32

0.30

16

0.48

8

0.70

4

0.80

－

mb

s

a

－

1.0

0.5

89

5.7

1.0

0.5

66

4.2

1.0

0.5

3.1

1.0

0.5

28

1.8

1.0

0.5

19

1.2

1.0

0.5

 cR

－

49

6.0

－

mbR

Figure 4. Correlation between strength loss parameter and normalized
confining stress on marble

Furthermore, the relationship between the strength loss
parameter and the normalized confining stress (divided by
uniaxial compressive stress) for the tests showed in Table 1 was
sketched (see Figure 4). From the figure, the strength loss
parameter is progressively increased with the decreasing of the
confining stress and the regression equation can be obtained as
(5)
  0.239 ln3 /  c   0.059

CASE STUDY

The effect of post-peak strength degradation on deep
underground excavation was examined by a modeling of a road
tunnel. The tunnel is part of the project providing a safe and
reliable connecting highway for east and north Taiwan. The
case tunnel is a twin-hole tunnel with excavation span of 12.5 m.
The pillar width between two tunnels is about 30 m. According
to the geotechnical survey report (Sinotech 2011), the main rock
type along the tunnel is marble, which average uniaxial
compressive strength is around 80 MPa. The strength
parameters of rock mass in good quality range (GSI=80) was
estimated by using the method suggested by Hoek (2002). The
estimation results of peak strength are listed in Table 3.
Furthermore, Equation 2, 3 and 5 was adopted to estimate the
post-peak strength under various confining stresses. The
computer program FLAC was used to simulate the tunnel
construction. A subroutine of FISH language embedded within
FLAC was developed to input the parameters of post-peak
strength depending on the value of confining stress as the
element is yielding during period of calculation.
The top heading method is designed for the tunnel
excavation and the cycle length is 3.5 m for good rock mass
(GSI=80). The support works used including 8 cm thick steel
fiber reinforced shotcrete with systematic rock bolts. The rock
bolts installed are of 25 mm  with length of 4 m and spaced of
2.0m×3.0~4.0m. The allowable tunnel deformation is 5 cm in
the support system. Two different overburden depths of 500 m
and 1000 m were considered in the case study. Vertical stress
(P0) was calculated by dead weight of rock mass as P0=H,
where  is the unit weight of rock mass and H is the overburden
depth. The horizontal stress was estimated with references to the
results of in-situ overcoring test in the eastern Taiwan (Hsiao et
al. 2006). The maximum horizontal stress is 1.2 times of
vertical stress.
The Hoek-Brown model (no strength degradation, HB model)
and the post-peak strength degradation model (SD model) were
adopted to analyze the tunnel excavation behavior. The results
of the analyses are displayed in Table 4. When the overburden
depth is 500 m with the Hoek-Brown model, the roof settlement
of tunnel is 1.7 cm, the horizontal convergence of bench is 1.9
cm and both the relaxation zone thickness at the roof and the
sidewall are 0.5 m. Then the tunnel deformation would increase
apparently where the overburden reaches to 1000 m, that is, 3.8
cm in the roof settlement and 4.2 cm in the horizontal
convergence. And the relaxation zone thickness surrounding the
tunnel would increase to 1.5 m as well. However, the tunnel
deformation is still under the designed allowable value of 5 cm
even the tunnel depth reaches to 1000 m.
In case the post-peak strength degradation is considered, the
roof settlement of 3.7 cm and the horizontal convergence of
bench of 4.4 cm are obtained at the tunnel depth of 500 m in the
SD model. And approximate 2.6 times of deformation increased
would occur when the tunnel depth reaches to 1000 m, that is,
9.8 cm in roof settlement and 9.0 cm in horizontal convergence.
The tunnel deformation obviously exceeds the designed
allowable value and tunnel may need re-mining in deep
overburden condition, as shown in Figure 5.
The above analyses demonstrate that the characteristic of
post-peak strength degradation may affect the tunnel behavior.
The effect intensity is progressively significant with increasing
tunnel depth, as illustrated in Figure 5. There is an outstanding
increase in tunnel deformation at the depth of 1000 m for the
SD model. In case additional reinforcement or modified
excavation measure is not adopted, severe tunnel deformation
may endanger tunnel stability. The strength degradation of
marble beyond brittle failure plays an important role in the
stability of deep tunneling.
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1.7 cm

3.7 cm

3.8 cm

9.8 cm

applicability of the method should be subjected to further
investigation and re-adjustment.
According to the analyses of actual tunnel case in eastern
Taiwan, the effect of post-peak strength degradation would not
be disregarded. The tunnel deformation would exceed the
design value in deep overburden. Tunnel requires re-mining due
to the inadequacy of inner section and the instability will be
anticipated. Actually, various studies and experiences revealed
that brittle failure initiating is extremely difficult to prevent in
highly stressed rock. The aim of the design of reinforcement or
support is to control the propagation of the brittle failure and to
retain the profile of the tunnel. The issue of brittle failure was
seldom studied in Taiwan in the past. Therefore, cautious design
and systematic monitoring should be fulfilled to overcome the
possible problems caused by brittle failure in deep underground
excavation in Taiwan.

1.9 cm

4.4 cm

4.2 cm

9.0 cm

6

Crown

0.5 m

1.5 m

1.5 m

3.5 m

Sidewall

0.5 m

1.5 m

1.5 m

2.5 m
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Table 3. Mechanical parameters of rock mass for the case tunnel

σc

(MPa)

Unit weight
(t/m3)

mb

s

a

80

2.7

4.406

0.1084

0.5

Deformation
modulus
(MPa)
7000

Table 4. Effect of overburden depth and post-peak strength degradation
on tunnel excavation behavior by using numerical analyses
Overburden=500m

Overburden=1000m

HB model SD model HB model SD model
Roof
settlement
Tunnel
deformation Horizontal
convergence
Loosening
zone of rock
mass

＊ HB model means the Hoek-Brown model；SD model means the
post-peak strength degradation model

Figure 5. Correlation between roof settlement and overburden depth in
the case tunnel

5

CONCLUSIONS

Relatively small deformation would occur prior to failure
during loading, and under continued loading, the integrity of
rock would be destroyed with degrading rock strength. Except
for violent rockburst, the post-peak strength degradation may
endanger the stability of deep underground excavation.
However, there is still not a commonly acceptable method in
estimating the post-peak strength up to now. The post-peak
form of the Hoek-Brown failure criterion by introduced a
strength loss parameter may be a feasible method currently. A
serial of tri-axial compressive tests of marble, which is the
typical metamorphic rock in eastern Taiwan, were carried out in
this paper. The results of the tests show that the post-peak
strength is strongly affected by the confining stress. Therefore,
the relationship between strength loss parameter and confining
stress was established by using the strength loss experiment
method. It should be noticed that the estimation measure for
post-peak strength used in this paper is limited to the massive
unjointed brittle rock (such as GSI >70) because it was
established on the basis of intact rock tests. For jointed rock or
other rock type (such as schist, andesite, and so on), the
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Fast frequency-domain analysis method for longitudinal seismic response
of super-long immersed tunnels
Méthode d'analyse rapide dans le domaine fréquentiel pour la réponse sismique longitudinale
d'un tunnel immergé à super longueur
Huang M., Liu H.

Department of Geotechnical Engineering, Tongji University, Shanghai, China

ABSTRACT: This research is prompted by the need of a practical project, which is a sea-crossing immersed tunnel between Hong
Kong, Zhuhai and Macao (HZM) in China. Longitudinal seismic response of the immersed tunnel is the main focus of this paper.
Based on the Fast Fourier Transformation and the theory of dynamic elastic Winkler foundation beam, a modified response
displacement method in the frequency domain is proposed in this paper. Inertia of the tunnel and the dependance of dynamic stiffness
coefficients on external loading frequency are considered and seismic response of the HZM tunnel is analyzed using the proposed
method. Finally, some useful suggestions for aseismic design and analysis are presented.
RÉSUMÉ : Cette recherche est motivée par la nécessité d'un projet concret, qui est un tunnel immergé traversée maritime entre Hong
Kong, Zhuhai et Macao (HZM) en Chine. Réponse sismique longitudinale du tunnel immergé est l'objet principal de cet article. Basé
sur la transformation de Fourier rapide et la théorie de l'élasticité dynamique Winkler poutre de fondation, une méthode de
déplacement modifié de la réponse dans le domaine fréquentiel est proposé. Inertie du tunnel et de la dépendance des coefficients de
rigidité dynamique à la fréquence de chargement externe sont considérées comme, et réponse sismique du tunnel HZM est analysée
en utilisant la méthode proposée. Enfin, quelques suggestions utiles pour la conception sismique et de l'analyse sont présentés.
1

INTRODUCTION

Recently, the Chinese government is building a large seacrossing bridge connecting Hong Kong, Zhuhai and
Macao(HZM), which is about 35.578 km long and will be the
most long sea-crossing bridge after being constructed. The
super-long submarine immersed tunnel(Fig. 1) over 6 km,
which will be the first long immersed tunnel in the world after
being built, is a very important component part of the HZM
bridge. Analysis of the seismic safety of the tunnel is essential
for engineering design since the HZM immersed tunnel is
located at the Circum-Pacific earthquake zone. Moreover, the
introduction of a simplified analysis method is also important
and urgent because there is no specific code to date in China for
the seismic design of immersed tunnels. Considering that the
safety of the tunnel under longitudinal vibration is more
important than that under lateral and vertical vibrations, this
paper focuses mainly on computational methods for the seismic
response of immersed tunnels under longitudinal seismic
loading.

Hong Kong

Immersed Tunnel

Zhuhai
Macao
Figure 1. Location of Hong Kong-Zhuhai-Macao immersed tunnel
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A number of analysis methods have been presented in the
literature for computing the longitudinal seismic response of
immersed tunnels. Originally, the standard for longitudinal
seismic design of immersed tunnels was established during the
process of constructing the Bay Area Rapid Transit (BART)
system in San Francisco (Kuesel, 1969). Axial deformation due
to longitudinal vibration was estimated using a simple analytical
expression. BART approach was adopted in the seismic design
of Kinuura Port tunnel (Aoki & Maruyama, 1972). Later, in
1988, the Japanese Society of Civil Engineers released an
earthquake resistant design code for immersed tunnels, with two
principal approaches of ground deformation method and
dynamic response method presented (Kiyomiya, 1995). In the
authors’ opinion, the two methods could be all categorized as
the response displacement method because the principle of them
is almost identical, namely the seismic response of tunnels is
estimated by applying the seismic displacement of strata around
tunnels to immersed tunnel structures. However, there is still
one difference between them - that is, the external loading
applied to the tunnel structure corresponds the maximum
response displacement of soil for the first one, whereas that is
the dynamic response displacement of soil for another one. The
dynamic response method is used to design the immersed tunnel
across the Pearl River in China (Han & Zhou, 1999). In addition,
there is another simple analytical model in which an immersed
tunnel structure is discretized into a series of particles and
combined with soil springs. The seismic response of tunnels is
investigated by applying the ground seismic acceleration to soil
springs at the base of tunnels. The model had been utilized to
analyze the seismic response of several practical projects in
different countries (e.g. Hamada, 1984; Kiyomiya & Tanabe,
1994; Anastasopoulos et al., 2007). With the development of
computer technology, 3D dynamic finite element method has
become a major way of computing seismic response of 3D
tunnels. A number of studies have been reported in related
literature (e.g. Stamos & Beskos, 1995 and 1996; Hatzigeorgiou
& Beskos, 2010). Despite the more accuracy of 3D dynamic
finite method, the cost of this method is too expensive to be
used in the actual engineering design.
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The presently available methods have several disadvantages
including (1) computational efficiency is low when they are
used to computing seismic response of super-long immersed
tunnels; (2) the effects of frequencies of excitation on
foundation impedances cannot be considered; (3) inertia of
tunnels is often neglected in most methods. This paper presents
a modified response displacement method in the frequency
domain so as to overcome the defects in the present analysis
methods.
2

RESPONSE DISPLACEMENT METHOD BY JSCE

The response displacement method introduced here is based on
a mass-spring model presented by the JSCE in 1988. It is
assumed in this model that shear motion is the main vibration
mode of strata on bedrock under seismic loading. In addition,
there is another assumption that self-vibration characteristics of
soil layers are not influenced by the existence of the tunnel. The
soil around the immersed tunnel along the longitudinal direction
is modeled as a series of particles. The springs and dashpots are
used to connect adjacent particles, as well as particle and
bedrock. The multi-segment tunnel is modeled as a beam with
longitudinal translational springs located at segment joints. The
segments and its surrounding soil particles are connected
through calibrated interaction springs and dashpots (Fig. 2).
k-1

k

Lk- 1

Lk

K3

(7)
K t u t   K1 u b  u t 
where Kt and K1 = stiffness matrix of the tunnel and interaction
spring, in which K1 is frequency-independent static stiffness; ut
= seismic response displacement of the tunnel.
Immersion joint

5

The response displacement method is a pseudo-static analysis
approach and consists of two steps: (1) determining the freefield ground seismic deformation without considering the
presence of tunnel; (2) imposing the ground deformation
obtained in step one on the tunnel structure as a static load. The
computational process in detail is described as follows.

Segment

Seismic deformation of free field can be derived by solving
dynamic equilibrium equation of the mass-spring model.
According to D'Alembert principle, the dynamic equilibrium
equation can be expressed as
M s us   C u s   K u s   M s  ug
(1)

 

where Ms, C and K = lumped mass coefficient, damping
coefficient and stiffness coefficient, respectively; us = response
displacement of soil particles; and ug = seismic acceleration at
the base of bedrock. The elements of tridiagonal symmetric
stiffness matrix are expressed as
k11  k 3 1  k 2 1
(2)

ki ,i  k3  i   k2  i   k2  i  1 (i  2,3,,n-1)

MODIFIED RESPONSE DISPLACEMENT METHOD

Based on the Fast Fourier Transformation (FFT) technique and
the theory of dynamic elastic Winkler foundation beam, a
modified response displacement method is presented in this
paper. Inertia of the immersed tunnel can be considered in this
method as well as the dependency of soil-tunnel interaction
parameters on the frequency of external seismic loading.
5.1

Seismic deformation of free field

According to FFT, Eq. (1) given in Session 2.1 is changed into

SEISMIC DEFORMATION OF FREE FIELD

k i ,i-1  k 2 i  1(i  2,3,  , n)

The tunnel structure is modeled as a Winkler elastic foundation
beam with joints, which is simplified into translational springs
to simulate the behavior of compressing and tension of GINA
gaskets under seismic loading (Fig. 3). The seismic response of
the tunnel is obtained by applying the seismic displacement of
free field to interaction springs between the tunnel and strata
without considering the inertia of the tunnel. The seismic
displacement of the tunnel can be obtained by

Figure 3. Simplified model of the immersed tunnel structure for response
displacement method

Figure 2. Mass-spring model under longitudinal seismic loading

k n,n  k 3 n   k 2 n  1

INTERNAL FORCE OF THE TUNNEL STRUCTURE

k+1

K1

3

4

L k+1

Me
K2

The calculation method for α is not given in this paper due to
limitation of the space and the specific computational process
have been presented in detail in the related reference (Zhou,
1989).

(3)
(4)
(5)

where k3 = spring between soil particle and bedrock; k2 = spring
between adjacent soil particles; i = the number of the soil
particle; and n = number of soil particles.
Seismic displacement of the free-field soil at the base of the
immersed tunnel can be obtained by
u b    u s 
(6)
where ub = displacement of tunnels; and α = ratio of soil
displacement at the base of the tunnel to that of soil particles.

  2 M s U s    (1  2i )K s U s   



(8
)



  2 M s  U g  

where Us(ω) and Ug(ω) = Fourier amplitude of particle and
input seismic displacements, respectively; i = the imaginary unit;
ξ = frequency-independent hysteretic damping ratio of the soil;
and ω = external frequency of seismic loading. The response
displacement of soil particle us in the time domain can be
obtained by the inverse Fast Fourier Transformation (IFFT) of
Us(ω).
Likewise, eq. (6) can be changed into
U b     U s  
(9)
where Ub(ω) = Fourier amplitude of the displacement of the soil
at the base of the tunnel. Accordingly, the seismic displacement
of the free-field soil at the base of the tunnel ub in the time
domain can be obtained by IFFT of Ub(ω).
5.2

Internal force of the tunnel structure

Inertia of the tunnel and dependence of soil-tunnel interaction
parameters on external frequencies are taken into account in the
modified response displacement method. The tunnel structure is
discretized into a series of particles, which is combined with the
soil through interaction springs and dashpots (Fig. 4). In
addition, the form of external loading is the seismic acceleration
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of soil at the base of tunnel, which is different from the original
response displacement method. Finally, the seismic response of
the immersed tunnel is obtained by exerting the seismic
acceleration on the tunnel through interaction springs and
dashpots. The specific mathematical expression of the physical
model in the time domain is
M t ut   Cts u t   K ts u t   M t ub 
(10)
where Mt = lumped mass of the tunnel particle; Cts = damping
coefficient of the system shown in Fig. 4; and Kts = stiffness
coefficient which is constituted of Kt and K1.
In the frequency domain, Eq. (10) will become

The soil along the longitudinal direction of the HZM immersed
tunnel is simplified into one particle every 22.5m, which means
that there are 253 soil particles altogether. The computational
model containing the whole immersed tunnel is set up in this
paper in terms of the multi mass-spring model shown in Fig. 2.
Analysis results in seven different positions along the
longitudinal direction of the tunnel location are given in this
paper (Fig. 5), and the other results are not presented
considering the limited space. Time history and frequency
spectrum of the input seismic acceleration are shown in Fig. 6.

  2 M t U t    K ts U t    2i K1   i C s U t  
  2 M t U b  

(11)
where Ut(ω) = Fourier amplitude of displacement of the tunnel
structure; K1 = frequency-dependent dynamic stiffness; and Cs =
frequency-dependent radiation damping coefficient of the soil.

Immersion joint

Segment

Particle

Figure 4. Simplified model of the immersed tunnel structure for modified
response displacement method

The stiffness of interaction springs is regarded as a static
stiffness independant of the external excitation frequency in the
response displacement method. Actually, the spring stiffness is
related to the seismic excitation frequency, which have been
considered in the modified response displacement method. The
dynamic stiffness of interaction springs can be defined as
k1  k stat k 0  
(12)
where k1 = dynamic spring stiffness shown in Fig. 2; kstat =
static spring stiffness; and k0(ω) = dyanmic stiffness coefficient.
Similar to the dynamic impendance of embedded foundations
proposed by Gerolymos & Gazetas (2006), the dynamic
stiffness coefficient k0(ω) and radiation damping can be
approximately expressed as

D 
D 2
 0.08  0.0074 a0
B 
B

Due to space limitation, only the time history of seismic
acceleration at location A is given in this paper, which is shown
in Fig. 7. Peak accelerations of seven different positions are
illustrated in Table 1. It can be readily seen that seismic
acceleration of the soil is apparently amplified compared with
the peak acceleration 0.147g of input seismic motion. The
reason of this is that natural vibration frequency of the site soil
is relatively low, and the input seismic acceleration is also
characterized by the low frequency contents.

(13)


D
D

  0.31  0.0416 a 0  0.0442  0.14
B
B


Cs  vs Ab csur    vs Aws
(14)

where D and B = the height and width of the tunnel cross
section, respectively; a0=wB/2vs = dimensionless frequency; and
vs = shear wave velocity of the soil; ρ = soil density; Ab = base
area of the tunnel; Aws = the sum of sidewall areas parallel to
loading; and csur(ω) = radiation damping of surface foundations.
7

Figure 6. Time history of input seismic acceleration

8 DYNAMIC ANALYSIS RESULTS - SOIL
AMPLIFICATION

6 DYNAMIC SPRING STIFFNESS AND RADIATION
DAMPING COEFFICIENT

k0    1  a0

Figure 5. Profile of the HZM immersed tunnel

SEISMIC RESPONSE ANALYSIS OF HZM TUNNEL

The modified response displacement method is used to analyze
the seismic response of the HZM immersed tunnel. Moreover,
the calculation results by the modified response displacement
method are compared with that by the response displacement
method.
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Figure 7. Time history of seismic acceleration at location A
Table 1: Peak acceleration in different positions
Location

Peak acceleration/g

A
B
C
D
E
F
G

0.288
0.28
0.241
0.275
0.322
0.283
0.255
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9 DYNAMIC ANALYSIS RESULTS - AXIAL FORCE
AND JOINT DEFORMATHON OF THE TUNNEL
STRUCTURE

Table 4: Maximum compression of joints in different positions (mm)

In this paper, the initial values of internal force and deformation
of the tunnel under static loads have been removed from the
final analysis results. The time history of axial force at location
A is shown in Fig. 8 using the response displacement method
(RDM) and modified response displacement method (MRDM),
respectively. Moreover, peak values of the axial forces in seven
different positions are given in Table 2. It can be seen that the
values of axial force at both sides of the tunnel are much larger
than those in the middle of the tunnel despite anyone of the two
approaches, therefore the soil foundation at both sides of the
tunnel should be reinforced for resisting the earthquake loading.
It is also readily seen that the computed results using MRDM
are larger than that using RDM, which means that inertia of the
tunnel plays such an important role in the seismic response of
the tunnel that it cannot be neglected. Therefore, it is suggested
that the purely dynamic analysis method, i.e., MRDM, should
be employed for seismic design of immersed tunnels.

Location

RDM

MRDM

E31\E30
E27\E26
E22\E21
E17\E16
E11\E10
E6\E5
E2\E1

8.4
2.8
2.1
1.1
3.4
0.5
10.4

14.1
5.3
3.7
2.9
7.0
1.3
12.9

10 CONCLUSIONS
At the basis of the present response displacement method, this
paper presents a new modified response displacement method,
which can consider the inertia of the tunnel as well as the
dependance of soil-tunnel interaction parameters on external
seismic frequencies. Inertia of immersed tunnels play a vital
role in the seismic response of immersed tunnels, and hence the
modified response displacement method with the dynamic soiltunnel interaction parameters should be adopted in the practical
engineering design. Although this research is prompted by need
of a specific project, the proposed method is universal and can
be applied to analysis and design of other immersed tunnel
projects.
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Figure 8. Time history of axial force at location A
Table 2: Axial force of segments in different positions (MN)
Location

RDM

MRDM

A
B
C
D
E
F
G

138.80
28.55
37.73
9.32
41.34
35.66
98.97

173.30
111.70
74.70
20.88
79.91
72.05
96.34

Table 3 and Table 4 show the net maximum tension and
compression of GINA joints under seismic loading. It can be
seen that the values of deformations of joints at both sides of the
tunnel are much larger than those in the middle of the tunnel in
the two approaches, which is analogous to that of the axial force.
Moreover, it is concluded that excessive tension and
compression will not occur under proper design of segment
joints, which is not discussed here in detail in view of the space
limitation.
Table 3: Maximum tension of joints in different positions (mm)
Location

RDM

MRDM

E31\E30
E27\E26
E22\E21
E17\E16
E11\E10
E6\E5
E2\E1

-8.2
-3.3
-2.0
-1.0
-3.4
-0.5
-10.8

-13.0
-6.6
-4.4
-2.9
-7.3
-1.3
-12.7
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Field Monitoring of Shield Tunnel Lining Using Optical Fiber Bragg Grating Based
Sensors
Surveillance de doublure d’un tunnel au bouclier utiliser les capteurs optiques de fibre-Bragggrating
Huang A.B., Lee J.T., Wang C.C., Ho Y.T., Chuang T.S.

Department of Civil Engineering, National Chiao Tung University, Taiwan

ABSTRACT: The design of soft ground shield tunnel lining for Taipei Mass Rapid Transit (MRT) system has been relying on semiempirical procedures. The earth pressures involved in tunnel lining structural design has been determined based on experience. It is
not certain if the design is adequate. Also, occasionally new MRT tunnel or other forms of underground constructions can be located
dangerously close to an existing tunnel. An effective means of monitoring the behavior and integrity of the tunnel lining is
imperative to the future design and safety of the MRT tunnel system. The authors developed techniques to attach optical fiber Bragg
gratings (FBG) in the reinforcement as a means to monitor the strains experienced by the shield tunnel lining. Readings were
recorded from pre-cast concrete section production through field installation and continued after field installation. The paper
describes the techniques of FBG field monitoring, their available records and discusses implications in the design and safety
monitoring of shield tunnel linings.
RÉSUMÉ : Le projet du rêvetement de tunnel bouclier au terrain moule pour la système du Masse Transit Rapide de Taipei (MRT)
avait eu en s'appuyant sur les procedures semi-empiriques. Le sol impliqué dans la construction de MRT a été alluvial dans la nature
avec l’argile limoneuse et le sable limoneuse intercouché avec le dépôts de gravier occasionel. Les pressions de terre impliqué dans le
projet structural du rêvetement de tunnel avait eu détérminées basées sur l'expérience. Il n'est pas certain si le projet est trop
conservateur. Également, parfois le tunnel nouveau de MRT ou less autres formes des constructions sousterrain peuvent être situées
dangereusement près d’un tunnel existant. Le moyen efficace de surveillance du comportement et l’intégrité du rêvetement de tunnel
est impératif du projet avenir et la sécurité de système de tunnel de MRT. Les auteurs ayant développés les techniques à attacher les
grilles de Bragg à fibre optique (FBG) dans l’renforcement comme un moyen de surveiller les deformations expérimentées par le
rêvetement de tunnel bouclier. Les FBG détectés le rêvetement de tunnel sont instalés dans la ligne Shin-Yi MRT de Cité de Taipei en
2007. Les lectures sont enregistrés de la section de béton pre-contriante pendant l’installation des chantier et continués jusqu'à
aujourd’hui. Cet article décrit les techniques de FBG la surveillance de chantier, leur enregistrements disponibles et discute influences
dans le projet et la sécurité de surveillance des rêvetements de tunnel bouclier.
KEYWORDS: fiber Bragg grating, shield tunnel lining, monitoring
1

INTRODUCTION

The design of shield tunnel lining has been based on semiempirical procedure and may be rather conservative. The
conservatism is mainly due to lack of field measurement as to
the stresses or strains that the tunnel linings are actually
experiencing during different stages of construction and
operation. For municipal subway tunnels, there may be threats
from other construction activities such as those for new building
basements or other tunnels in close proximity. Earlier attempts
of using electrical strain gauges for field monitoring in shield
tunnel had the drawbacks that include the lack of longevity and
signals prone to electromagnetic interference (EMI). There
have been reports on the use of optical fiber sensors to monitor
subway tunnel lining deformation using the fully distributive
Brillouin Optical Time Domain Reflectometry (BOTDR)
method (Mohamad et al. 2007). In their report, optical fiber was
mounted inside the existing tunnel lining. The BOTDR signals
are immune to EMI and optical fibers are durable, and thus are
clearly more desirable than the conventional electrical sensors.
There were no baseline readings when the tunnel lining was
completely free of exterior earth pressure. The strain readings
were therefore, relative to the post tunnel-construction
conditions. While the BOTDR readings serve the purpose of
revealing the effects of nearby constructions on the existing
tunnel lining, the results had little value in evaluating the
current design procedure. For the latter purpose, it is necessary
to measure the absolute strains within the tunnel lining.

Optical fibres are made of silica, with a diameter about the same
of a human hair, and can transmit light over long distances with
very little loss of fidelity. Optical fibres comprise two essential
components: a core surrounded by an annular cladding. The
core of the optical fibre serves to guide light along the length of
the optical fibre. The cladding has a slightly lower index of
refraction than the core. Its primary function is to ensure total
internal reflection within the core and that very little light is lost
as it propagates along the core of the optical fibre. The typical
combined diameter of core and cladding is 125 m. The silica
core/cladding is protected by an acrylic coating. The total
outside diameter of an optical fibre with the acrylic coating is
250 m. By adopting technologies from telecommunication,
many fibre optic based sensing techniques have been developed.
The fibre optic Bragg grating (FBG) is one of the many
available forms of optical fibre sensors. An FBG is made by a
periodic variation of fibre core refractive index. The typical
length of an FBG is 1 to 20 mm long. When the FBG is
illuminated by a wideband light source, a fraction of the light is
reflected back upon interference by the FBG. The wavelength
of the reflected light, is linearly related to the longitudinal
strains of the FBG, thus making FBG an ideal strain gage. By
monitoring the temperature induced strain in a loose FBG, it is
possible to use FBG as a temperature sensor with a resolution
on the order of 0.1oC. The returned signal from every FBG
carries a unique domain of wavelength, making it possible to
have multiple FBG elements on the same fibre.
The
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multiplexing among various sensors on a single fibre can be
accomplished by wavelength division addressing as
conceptually described in Figure 1. The FBG is partially
distributive because only those parts of the optical fibre with
FBG are used as strain sensors and these sensors can share the
same optical fibre transmission line.

K
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Forward Direction
¢X

¢X

¢X

¢X

¢X
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A3

A1

Unit : mm

A2

Figure 2. Cross section of the Taipei MRT Xinyi line tunnel.
Figure 1. Schematic diagram of Fibre Bragg Grating
(Kersey 1992), I = light intensity wavelength.
FBG2(L)

The authors developed the techniques to install FBG strain
sensors on the tunnel lining panel reinforcement prior to
concrete casting. FBG strain readings could be recorded during
panel concrete curing, shipping, before and after field
installation for long term monitoring. The absolute strains
experienced by the lining panel could be determined according
to baseline readings taken before installation and data recorded
following the completion of the tunnel lining. The authors
developed the techniques of attaching FBG strain sensors and
other FBG based sensors to the reinforcement and/or the tunnel
lining panel. The techniques were first applied at Taipei MRT
Xinyi line, installation of the first FBG sensored shield tunnel
panel was completed on March 24, 2008. Continuous,
automated strain readings were recorded from January 1, 2010
to April 26, 2012. The paper describes the techniques of FBG
sensor installation, the case of applying this technique to Taipei
MRT Xinyi line, presents available records and discusses
implications in the design and safety monitoring of shield tunnel
linings.
2

1(L)
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3(S)
FBG

FBG2(S)
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1(S)
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Figure 3. Numbering of FBG strain sensors in A1 panel.

Optical fiber

Unit:mm
Figure 4. Placement of optical fiber in reinforcement steel.

FBG STRAIN SENSOR INSTALLATION AND PANEL
LOAD TEST

Figure 2 shows a typical cross section of the Taipei MRT Xinyi line
tunnel. It has an outside diameter of 6m and a thickness of 200mm. The
tunnel lining is fabricated by assembling six, 1m long pre-cast concrete
panels. The designations and the dimensions of these panels are shown
in Figure 2. For the case reported herein, FBG strain sensors were
installed in panels A1, A3 and B. For each panel, an inner (short) and an
outer (long), No. 7 reinforcement steel was selected for instrumentation.
Three FBG strain sensors were attached to the designated reinforcement
steel. The FBG’s on the long steel were numbered in the clockwise
direction while those on the short steel were numbered in the counter
clockwise direction. Figure 3 shows the locations and numbering the
FBG strain sensors for the case of A1 panel. An electrical thermo
couple and a vibrating wire (VW) strain gage were also installed as
shown in Figure 3 to provide reference values. A 4mm wide and 11mm
deep channel was milled into the reinforcement steel as schematically
shown in Figure 4. The optical fibre along with the FBG’s were
attached to the bottom of the channel. For strain measurement, the
FBG’s were epoxied to the surface of a well-polished and cleaned steel
surface. A separate FBG, designated as FBG (T) sealed inside a tubing,
so that it is not making contact with the steel, was placed next to
FBG2(L) and served as a temperature sensor. The empty space of the
channel was then filled with epoxy. This arrangement minimizes the
effects of local bending of steel on FBG strain readings and provides
good protection of the optical fibre during casting and handling of the
panel. Figure 5 shows a fully assembled reinforcement steel cage with
all FBG sensors included.

Figure 5. A fully assembled reinforcement steel cage for A1 panel.
The precast concrete panels were manufactured in a factory. The
reinforcement steel cage along with low slump concrete were placed in
a steel mold and subjected to vibration. Upon initial setting and demolding, the panel was cured in a steam room and followed by
submerging under water for three days before taking out and undergo
the rest of the curing in the air. The effects of this harsh environment are
reflected in the sharp increase in the FBG wave length during steam
curing as shown in Figure 6. Every one pm (10-12 m) wavelength change
corresponds to approximately 1  of strain. The continued readings
assure the integrity and functionality of the FBG’s during the curing
stage of the panel.
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Figure 6. FBG wave length changes during the curing stage.

Figure 8. Change of strains from FBG’s on short steel.

To verify the effectiveness of the sensors, an A1 panel with the
instruments installed as shown in Figure 3 was load tested under
compression. As depicted in Figure 7, the vertical load was applied at
the crown of the panel. The ends of the test panel were supported on
rollers to assure no bending. Figure 8 shows the change of strain ()
from the FBG and VW strain sensors attached to the short steel. All
sensors showed tensile strain until breakage of the panel at
approximately 43 tons of loading. Being located at either the same or
compatible positions due to symmetry, strain readings from FBG1(S)
and FBG3(S) are very similar to those from the VW strain gage.
FBG2(S) had the most significant tensile strain readings because it was
subject to the maximum bending moment in load test. There was a sharp
increase in tensile strain in FBG2(S) near failure when cracking started
at the bottom of the panel and the stress became concentrated in the
steel. FBG sensors on the long steel, for the most part, were located in
the compression side during the load test.

Figure 9. Change of strains from FBG’s on long steel.

3

Figure 7. Panel load test set up.
The FBG sensors on the long steel showed modest compressive strains
in the early stage of the load test. The strain readings in FBG2(L)
showed a reversal of strains from compressive to tensile at about the
same time when FBG2(S) started to have a sharp increase in its tensile
strain. This reversal is apparently also related to the cracking of the
panel at the bottom side. The strain readings in FBG2(L) reversed twice
towards the end of load test as the final bending of the panel was almost
entirely taken by the steel.
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FBG STRAIN READINGS AFTER FIELD
INSTALLATIONS

The sensored panel was part of the shield tunnel section at 0k+399m of
the Taipei MRT Xinyi line contract CR580A, near the Daan Park station
(R9). The tunnel had an overburden of approximately 30m. The shield
tunnel boring machine was powered by multiple electric motors. During
field installation, the concrete panels were placed near these motors
with strong EMI. The fact that FBG signals are immune to EMI is an
important advantage, if readings are to be taken during the early stage of
panel insertion. Figure 10 presents the change of strains () recorded
in panel A1 immediately following its field installation on March 24,
2008. Fluctuations of strains were believed to be induced by assembling
various panels and back grouting. The readings became relatively stable
after one week of installation. FBG1(L) and FBG2(L) showed tensile
strains indicating that the tunnel lining was bulging slightly towards the
three o’clock direction. The rest of the strain readings were slightly in
the compressive side indicating that the tunnel lining was subject to
relatively modest earth pressure.
Long term automated data logging started on January 1, 2010 and
continued until April 26, 2012. During this period, the monitored
section was at least 500m behind the shield tunnel boring machine. The
long term strain readings as shown in Figure 11 generally ranged from
slightly positive (tensile) to as much as -500 micro strains (compressive).
The compressive strains were much more significant than those
recorded during the initial stage of panel installation. This is an
indication that two years after installation, the earth pressure had
exerted on the tunnel lining. Slight bulging remained in panels A1 and
B with strains in long steel close to the tensile side, while the reverse is
true for panel A3. The strain readings showed consistent fluctuations
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among the three panels. A comparison with the temperature record as
depicted in Figure 12 indicates that the strains registered in the panels
appear to be synchronized with that of temperature. As the tunnel near
its completion and temperature stabilizes, the strain fluctuation also
reduces.

4

CONCLUDING REMARKS

Essentially all FBG sensors installed in this case are still
functioning, nearly five years after construction. The experience
shows that because FBG is immune to EMI and made of
durable material, FBG can be an ideal sensor to provide
reference data for future tunnel lining design, as a means for
construction quality assurance and for long term safety
monitoring against nearby construction activities.

Figure 12. Long term temperature readings.

5
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Building deformations, induced by shallow service tunnel construction
and protective measures for reducing of its influence
Déformations de bâtiments induites par la construction d’un tunnel de service peu profond
et actions de protection pour réduire son influence
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ABSTRACT: Results are cited for theoretical and experimental investigations of the prediction of deformations of the ground surface
and buildings, which develop during the opening of shallow utility tunnels constructed by the shielded method, and also measures
taken to reduce the deformations that occur as a consequence of such an opening.
RÉSUMÉ : Cet article est consacré à la recherche théorique et expérimentale, сonсernant la prévision des déformations de la surface
du sol et des bâtiments qui surviennent à la pose de galeries techniques peu profondes construites au tunnelier à bouclier. Des mesures
pour réduire ces déformations sont aussi proposées.
KEYWORDS: Surface and building settlement, shallow service tunnel, loss of ground, empirical method for settlements predicting.
1

INTRODUCTION

The method outlined by Peck (1969) for analysis of groundsurface settlement demonstrates its dependence on the distance
to the axis of the tunnel, D and H, characteristics of the soil
(considering the stratification of the soils), and the excess-soil
factor VL. Burland et al. (2001) have developed a method in
which a formula is given for the argument of the inflection point
on the curve of the function of ground-surface settlements
during the opening of a tunnel. Excavations (Clough G.W. and
Schmidt 1981), which have modified the Peck method,
supplementing it with a moisture-content characteristic, have
also come into use. Figure 1 shows a surface-settlement diagram
based on the empirical methods cited with parameters entering
as component parts of the formulas.

with data acquired by empirical methods for deep tunnels
(Table 1).
Figure 2 shows the 4-m-diameter storm-drain collector along
the Gruzinskii Street line in Moscow, which is being
constructed by the shielded method by a Lovat RME 163 SE
series 23300 tunneling unit with a soil surcharge. The depth of
embedment was 4.0-8.0 m (the analyses were performed by the
N. M. Gersevanov Scientific-Research Institute of Foundations
and Underground Structures, and scientific accompaniment by
the Scientific-Research Institute of Foundations and Structures
and the ANO ANCA RAACS).

Figure 1. Surface-settlement diagram for opening tunnel
Construction practice demonstrates that methods employed
to calculate settlement for deep tunnels are not always
applicable for shallow tunnels. In contrast to deep transportation
tunnels, the diameter of utility tunnels D = 3-4 m, the depth of
embedment H = 4-8 m, and the relative depth of embedment χ =
H/D does not exceed 3.
Figure 2.Service tunnel construction on Gruzinsky Val Str.In Moscow.

2 METHOD FOR PREDICTION OF SURFACE
SETTLEMENT DURING OPENING OF SHALLOW
TUNNELS
To substantiate prediction of surface deformations during the
opening of shallow tunnels, a series of projects were subjected
to in-situ settlement measurements, which were then compared

A characteristic feature was that the shield passed close to
the surface in the filllayer of soil. The Lovat Company had
predicted VL= 1.78%, but measurements indicated VL = 5.5%;
this was higher than the value for deep tunnels. Due to the
shallow depth and small cross section of the tunnels, the
distribution of in-situ pressure over the height of the face should
vary considerably with distance from the surface ~(2-3)D
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(where D is the diameter of the tunnel). The effective counter
pressure that can be developed over the height of the face may
therefore be insufficient at the bottom of the face, and excessive
at the top. This is confirmed by a discharge of foam onto the
surface at two points along the route of the tunnel on the
Gruzinskii Street line.

Project
Collector at
Il'inskaya
substation.
Section 3

Table 1. Shallow service tunnels in Moscow, settlements due to its
construction were used for method of surface settlements predictions.
Project
Storm drain
collector
for
Gruzinskii
Street line.
Station No.
1
Storm-drain
collector on
Gruzinskii
Street line.
Station No.
4
Collector at
Il'inskaya
substation.
Section 1

Novobratts
evoVoikovskay
a collector.
Section
between
chamber
Nos. 5-7
Collector
from
Ugresha
substation.
Section No.
4

Collector
from
Ugresha
substation.
Section No.
3

Collector
from
Ugresha
substation.
Section No.
2

Geologicengineeringconditions
0.5 m of fill sands; up to
12 m sands ranging from
silty to coarse, loose
sands of medium
density, and saturated
sands; groundwater table
at 2-4 m
0.5 m of fill sands; up to
12 m sands ranging from
silty to coarse, loose
sands of medium
fineness, and saturated
sands; groundwater table
at 2 m
2 m of medium-fine sand
with construction debris;
1 m of sand of medium
fineness; up to 8 m of
silty, semi-hard, medium
density, moist and
saturated clay;
groundwater table at 3 m
3 m of fill sands; 2 m of
highly plastic clays; then
fine sands; groundwater
table at 1.5-4 m

0.5 m of fill, and sand to
lowest bed of formation
in region analyzed; up to
12 m of alluvial and
fluvioglacial sands of
medium fineness, coarse
and gravelly sands,
moist and saturated
sands, silty and fine
sands, and moist sands
of medium density;
groundwater table at 3 m
1.30 m of fill, and sand
to lowest bed of
formation of region analyzed; up to 10 m
alluvial and fluvioglacial
sands of medium
fineness, coarse and
gravelly sands, moist
and saturated sands, silty
and fine sands, and moist
sands of medium
fineness; groundwater
table at 3 m
2.5 m of fill, and sand to
lowest bed of region
analyzed; up to 10 m of
modern alluvial, fine
clayey and silty,
saturated sands of
medium density;
groundwater table at 3 m

VL,
%

2.6

4.3

5

1.1

H,
m

4.0

4.5

5.4

6.0

D,
m

4

4

3.2

3.5

χ=
H/D

1

Collector
from
Ugresha
substation.
Section No.
5

1.13

1.69

1.71

Novobratse
voVoikovskay
a collector.
Section
between
chambers
No. 10-13
Collector
from
Zolotarevskaya
substation.
Section 5
Collector
from
Zolotarevskaya
substation.
Section 1

5

5

5.5

5.8

3.2

3.2

1.72

1.80

Geologicengineeringconditions
2 m of sand of medium
fineness with
construction debris; 3.8
m of silty, semi-hard
clay; up to 8 m of moist
and saturated sand of
medium fineness and
medium density;
groundwater table at 2.5
m
4.60 m of fill, 0.7 m of
peat, and sand to lowest
bed of formation in
region analyzed; up to
10 m of alluvial and
fluvioglacial sands,
coarse and gravelly
sands, moist and
saturated sands, silty and
fine sands, and moist
sands of medium
fineness; groundwater
table at 3 m
1.5-2 m of fill sands; 3-4
m of sands of medium
fineness; water table at
4-5 m

6.3 m of fill layer
composed of sandyloam/clayey-loam soils;
1.4 m of silty, highly
plastic clayey loam; up
to 4.6 m fine sand of
medium density;
groundwater table at 3 m
1.5 m of fill layer
composed of sandyloam/clayey-loam soils;
1.5 m of silty, slightly
plastic clayey loam; 4 m
of sandy, highly plastic
clayey loam;
groundwater table at 3-4
m

VL,
%

H,
m

D,
m

χ=
H/D

5

7.4

3.2

2.31

5

7.4

3.2

2.31

2.2

7

3

2.33

3

8.1

3.2

2.53

2

5.4

3.2

1.68

According to experimental data acquired during construction
of the utility tunnels, the coefficients VL decrease with
increasing H/D. If the sheet piling passes close to the fill layer,
or proceeds into it, VLincreases. For the hydrogeologic
conditions, the lower the groundwater table (GWT), the lower
VL.
In developing a method for settlement prediction,
approximations were obtained for ground-surface settlements on
five projects. The confidence coefficient of the approximation
R = 0.92-0.99. The coefficients before the parameters in the
formulas were established for each section [1]. Based on the
correction factors of the approximations, their dependencies on
the relative depth of embedment in the form of a second-degree
polynomial are obtained by the method of least squares:
C1(  ) 
1,525  1,147    0 ,353   2 ;
2

C2 (  ) 
1,23  0 ,871    0 ,212   2

5

6.1

3.2

1.90

(1)
Using the correction factors, we developed a method for
prediction of surface deformations during the construction of
shallow utility tunnels, which is represented by the following
formula for ground-surface settlements

Sv ( x ) C1(  )  Sv max  e 
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whereSvmaxis the maximum surface settlement (along the axis of
the tunnel), x is the distance from the axis of the tunnel along
the horizontal, and lx is the argument of the inflection point on
the settlement curve. S and l are parameters obtained in
accordance with the method of Peck (1969) and others.
The correction factors are varied from 1 to 2.5 relative
embedment depths of the shallow tunnel.
3

GROUND-SURFACE SETTLEMENTS IN MOSCOW

Soils of different origin and age reside in the Moscow area.
Analysis of cores taken by the Mosgorgeotrest has made it
possible to isolate seven typical geologic-engineering sections
in the area (Moscow City Building Code 2-07-97).
Average physico-mechanical characteristics of the soils in
the sections described were presented (Ilyichev et al 2009).
Settlement (a), relative nonuniformity (b), and surfacecurvature (c) plots of seven characteristic geologic-engineering
sections of Moscow were constructed (using the method of
surface-settlement prediction) (Fig. 4) for analysis of surface
deformations.
Maximum surface settlements (5-120 mm) and the width of
the zone of influence Bzi(where it is necessary to conduct
geotechnical monitoring) were determined as a function of the
depth z0of the longitudinal axis of the tunnel (Table 2).
Table 2.Width of the zone of influence Bzi.
Types of geologic-engineering
conditions
I
II
III
IV
V
VI
VII

½ Bzi
2.0z0
1.5z0
1.5z0
2.5z0
1.5z0
2.5z0
1.2z0

Figure 5.Mutual position of beam of semi-infinite length, and shallow
utility tunnel with assigned support-line displacement f(x).

The differential equation of the beam's deflections
EJ

d 4 y( x )
q( x )  k  f ( x )
 k  y( x ) 
dx 4

(3)

whereEJ is the bending stiffness of the beam, k is the
coefficient of subgrade reaction of the bed, q(x) is the load on
the beam, and f(x) is the assigned displacement of the lines of
the beam's elastic support.
B. G. Korenev's (1954) method can be employed to solve the
problem of a beam on an elastic bed under an arbitrarily
distributed load using an influence function for the displacement
of the beam due to a concentrated force.
The boundary conditions of the semi-infinite beam loaded by
a concentrated force P on the left end:
d3y
,
, y( x ) x   0 ,
d2y
 EJ

 EJ

b)

a)

for vertical displacement based on the method of surfacesettlement prediction of a soil.
A building situated transversally in plan to the route of the
utility tunnel was modeled by a beam of infinite (the building is
situated above the route of the tunnel) and semi-infinite length
(the building is situated at a certain distance along the surface of
the ground from the axis of the tunnel, Fig. 5).
Nikiforova(2008) has proposed and taken a similar approach to
prediction of building deformations within the zone of influence
of deep trenches.

  P  EJ
x0

dx3

dx 2

x 0

0

3
dy
d2y
,
,
 0  EJ d y x
x   0  EJ
2 x 
dx
dx
dx 3

 0

(4)

In formula (3), f(x) is the vertical displacement of the surface
in accordance with the method of predicting surface settlement
during construction of shallow utility tunnels
f ( x) S v ( x) C1 (  )  S v max  e 

C 2 (  ) x 2
2lx 2

,

(5)

whereC1 and C2 are coefficients, as defined by formulas (1),
Svmaxis the maximum vertical displacement, and lx is the distance
to the inflection point on the surface-settlement diagram.
According to Korenev(1954), solution of the bending
problem for infinite and semi-infinite beams assumes the form,
respectively:
P
,
(6)
 x

c)

y II ( x ) 

Figure 4.Plots showing settlement (a), relative nonuniformity of surface
settlement (b), and surface curvature (c) during opening of shallow
utility tunnels for first type of geologic-engineering conditions in
Moscow (D = 4 m; V = 2%): 1-5) H = 4-8 m, respectively.

To calculate the settlements of buildings during the opening of a
shallow utility tunnel, it is necessary to determine the weight of
the building, its stiffness, the distance from the apex of the
utility tunnel, the depth and diameter of the tunnel, and the
deformability of the soil. For this purpose, we have solved the
problem of a beam on an elastic Winkler bed with an assigned
support-line displacement, which is described by the formula

e

 cos x

4
where  
k / 4EJ .
Let us rewrite (6) as
(7)
y( x )  P  K i ( x )
whereKi(x) is the line of influence of the load Pon the
deflection of the beam.
For an arbitrary load p(ξ), the expression for the deflections




y( x )  p(  )  K i ( x   )d ,

L

4 PREDICTION OF BUILDING SETTLEMENTS DURING
OPENING OF SHALLOW TUNNELS

23 EJ

(8)

0

In the case where beam deflections are caused by the
construction of a shallow utility tunnel, expression (8) will take
on the form of (9) for a semi-infinite beam

(9)
y
II ( x )  k  f ( x  L )  K i ( x   )d,
0

Thus, the problem of the beam's deflection reduces to
calculation of integrals (9).
The expressions derived for the deflections of the infinite
and semi-infinite beams assume the forms, respectively
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y II ( x ) 



1
k 

 e  x  L 
 (cos L  2  x  
2
43 EJ




 ( a cos( L 

(10)

1 2
1
  x )  b sin( L  2  x )))
2
2

The settlements of buildings of extended length, which are
situated at a certain distance from the axis of the tunnel are,
respectively
q
(11)
S
( x ) (  ( x ) )
II

II

II

k

6

The parameters of formula (11) are:
 C1  S v max

2
4
, 
, A1 1 / 83 EJ ,
k / 4EJ
C2 / 2l x ,  

A2 1 / 23 EJ ,  II  (  /( 2   ))  k    A2 ,

N II
( x ) x  L  ( 2 / 2 ) ,

 II ( x ) 
e  ( x  L )  (cos N II ( x ) 

 ( a cos( N II ( x ))  b sin( N II ( x ))))

whereaand bare parameters for which we have compiled
tables of values as a function of L, β, and λ.
Similar results were obtainedfor an infinitebeam, that is, for
the building above thetunnel.
The values of EJfor buildings with a different number of
stories can be determined from recommendation ofFranzius and
Addenbrooke(2002), and used for determination of the
influence exerted by the weight and stiffness of the building on
the settlement of the surface above the tunnel. Here, an n-story
building will consist of n+1 coverings.
The coefficient of subgrade reaction kis (0.3-0.9)ڄ10 when
E< 10; (1-2.9)ڄ10 when E= 10-20; and (3-8)ڄ10 kN/m when E=
21-35 MPa (Uhov et al. 1994).
Let us examine the single-story brick building of rectangular
planform at No. 31 Gruzinskii Street (Fig. 6).The utility tunnel
with D=4.0 m is being constructed by a Lovat RME 163 SE
tunneling unit. In the section under consideration, H=3.0 m, and
the load on the foundation q= 26 kN/m . Plots of the building's
settlements, which were obtained by numerical modeling via the
PLAXIS 2D program in the plane statement using a CoulombMohr model, field data, and data determined from formula (11)
are presented in Fig. 6, b.
4

4

4

3

2

a)

properties of the grout injected into the space behind the lining;
reduction of the construction clearance that develops as the
shield is advanced; and, continuous pumping of the mixture in
the space behind the lining as the shield advances.
Implementation of these measures on the construction
project for the collector along the Gruzinskii Street line has
resulted in a settlement reduction of up to seven times.

b)

Figure 6. Diagram showing building and tunnel (a); buildingsettlement plots (b): 1) computed settlements (PLAXIS method); 2)
computed deflections of beam (experimental-analytical method); 3)
measured settlements.

5 MEASURES FOR MODERNIZATION OF PROCEDURE
FOR OPENING SHALLOW TUNNELS
Different methods are employed to reduce the influence exerted
by the opening of tunnels on building settlements: installation of
cut-off walls, strengthening of the beds and foundations, and
also the superstructures of the buildings, compensation
injection, etc. In soils comprised of silty, saturated sands,
however, chemical stabilization above the tunnel does not
always yield positive results (for example, the collector along
the Gruzinskii Street line). Strengthening of the foundations
with piles is not always possible.
In addition to the existing protective measures, we are
proposing measures for modernization of opening procedures,
which are directed toward reduction of ground-surface and
building settlements. They include modification of the

CONCLUSIONS

Rules are established for ground-surface deformation during the
opening of shallow utility tunnels.
Plots are presented for ground-surface deformations under
the geologic-engineering conditions of Moscow. The work zone
is defined in accordance with geotechnical monitoring.
A method is developed for prediction of building
settlements during the opening of shallow utility tunnels on the
basis of analytical solution of the problem of a beam on a
Winkler bed with an assigned support-lines displacement
describing the vertical displacements of the ground surface.
Formulas for determination of the settlements of the ground
surface and building during construction of shallow utility
tunnels can be used when H/D = 1-2.5.
Measures for modernization of the opening procedure, the
implementation of which has led to a seven-fold reduction in
settlements on a project, are proposed.
The
investigations
conducted
were
based
on
Recommendations (2007) (the work was performed by order of
the publicly owned joint-stock company Mosinzhproekt).
7
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Engineering inspection and supervision of tunnels and underground stations
of urban metro systems
Inspection et surveillance des tunnels et stations de métro souterraines
Katzenbach R., Leppla S.

Technische Universität Darmstadt, Institute and Laboratory of Geotechnics, Germany

ABSTRACT: According to the general standards and regulations civil engineering structures like bridges are supposed to be inspected
and supervised regularly regarding stability, transport safety and durability. Unfortunately there are no national or international
technical standards for tunnels and underground railway structures. Based on existing general standards and regulations for civil
engineering structures a new concept for engineering inspection and supervision of tunnels and underground structures of urban metro
systems has been defined by the Institute and Laboratory of Geotechnics of Technische Universität Darmstadt. The defined modalities
and continuous procedures guarantee a sustainable preservation of the underground structures by early identification of insufficiencies
and defects. The developed concept is applied to the engineering inspection and supervision of the tunnels and underground stations
of the urban metro system of Frankfurt am Main, Germany. The concept can be applied to other urban metro systems anywhere in the
world if the boundary conditions like construction type, age, load impact and soil and groundwater conditions are adjusted.
Resume: Selon la loi et les normes générales existantes, les structures de génie civil comme les ponts doivent être régulièrement
inspectées et surveillées du point de vue de leur stabilité, leur sécurité de transport et leur durabilité. Il n’existe malheureusement pas
de normes techniques pour les tunnels et les structures de transports souterrains. Un nouveau concept d’inspection et de surveillance
des tunnels et stations de métro souterraines a été mis en place par l´Institut et le Laboratoire de Géotechnique de la Techniche
Universität Darmstadt, en se basant sur des normes et lois générales existantes en génie civil. Les modalités et procédures régulières
définies dans ce projet assurent une protection durable des infrastructures souterraines grâce à l’identification précoce de défauts et
d’insuffisances. Ce concept est mis en application pour l’inspection et de la surveillance des tunnels et stations de métro souterraines à
Francfort, en Allemagne. Il peut être également appliqué à n’importe quel autre système de métros souterrains en adaptant les
conditions limites telles que le type et l’âge de la construction, l’impact de charge, les propriétés du sol et de la nappe phréatique.

KEYWORDS: Inspection, supervision, urban metro system, tunnels, underground stations.

1

THEORETICAL BASICS

According to the general standards and regulations all civil
engineering structures like bridges, retaining walls and tunnels
have to be inspected and supervised regarding stability, traffic
safety and durability. This obtains for tunnels and underground
stations of urban metro systems as well. The basis for qualified
engineering inspection and supervision of all civil engineering
structures are a lot of national regulations and standards, for
example (Schweizerischer Ingenieur- und Architektenverein
1997, Deutsches Institut für Normung 1999, Verband Deutscher
Verkehrsunternehmen 2005, Schweizer Bundesamt für Straßen
2005, Bundesministerium für Verkehr 2007a and 2007b, DB
Netz AG 2011). There are no national or international standards
or regulations regarding the engineering inspection and
supervision of urban metro systems.
In the last decades enormous financial resources were spend for
planning and construction of underground engineering
structures of public infrastructures. These investments are only
maintainable if the structures have a long service time.
Regarding the sustainability of the structures the engineering
inspection and supervision has a growing importance
(Morawietz 1992, Haack and Schäfer 2009).
The objective of the continuous inspection and supervision is
the economic supply and maintenance of the structures. This

means a long-term indemnification of stability, traffic safety
and durability.
The 3 aspects stability, traffic safety and durability are defined
as follows:
 Stability means the absorption of regular loads by the
structure
 traffic safety means the riskless use of the structure
 durability means a long as possible use of the structure
under consideration of stability and traffic safety

Figure 1. Time related connection between maintenance cost and status
of structures (Wicke at al. 2001).
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The maintenance costs and the status of a structure are strongly
related and are shown in Figure 1 (Wicke et al. 2001). To
achieve a constant status of a structure (line A´) the
maintenance costs of line A are necessary. If less maintenance
costs are spent (line B) the status of a structure is decreasing
(line B´) until the structure is useless. To avoid a total damage
of the structure at a late point of time (line C´) enormous
maintenance costs are necessary (line C). In this case the
maintenance costs are much higher than the savings before.
The objective of the continuous inspection and supervision is
the economic supply and maintenance of the structures. This
means a long-term indemnification of stability, traffic safety
and durability. The maintenance costs and the status of a
structure are strongly related and are shown in Figure 1 (Wicke
et al. 2001).
To achieve a constant status of a structure (line A´) the
maintenance costs of line A are necessary. If less maintenance
costs are spent (line B) the status of a structure is decreasing
(line B´) until the structure is useless. To avoid a total damage
of the structure at a late point of time (line C´) enormous
maintenance costs are necessary (line C). In this case the
maintenance costs are much higher than the savings before.
For engineering inspection and supervision of tunnels and
underground stations of urban metro systems no standards and
regulations
are
defined
(Verband
Deutscher
Verkehrsunternehmen 2005). Depending on the type of
construction, age, status, load impact and the soil and
groundwater
conditions
for
different
underground
infrastructures results a different scope of engineering
inspection and supervision. Regarding this fact cities like
Berlin, Hamburg, Essen and Vienna developed their own
regulations. These regulations base on:
 DIN 1076 (Deutsches Institut für Normung 1999)
 BOStrab (Bundesministerium für Verkehr 2007)
 RiL 853 (DB Netz AG 2011)
 SIA 469 (Schweizerischer Ingenieur- und Architektenverein
1997)
The terms, time periods and the scope of the engineering
inspection and supervision are different in the standards and
regulations mentioned above. For tunnels and underground
stations of urban metro systems the time periods and the scope
standards are defined in DIN 1076, BOStrab and RiL 853.
According to RiL 853 only an inspection every decade is
scheduled. Table 1 shows the different regulations.
Table 1. Engineering inspection and supervision.

2 ENGINEERING INSPECTION AND SUPERVISION
OF URBAN METRO SYSTEMS
The Institute and Laboratory of Geotechnics of Technische
Universität Darmstadt (TU Darmstadt) developed on behalf of
the operator of the public transport system of Frankfurt am
Main, the VGF, a new concept for engineering inspection and
supervision of the tunnels and underground stations of the urban
metro system.
The following boundary conditions are considered:
 type of construction, size, number and age of the
underground structures
 soil and groundwater conditions
 practicability and economic efficiency of the modalities and
procedures of the engineering inspection and supervision
 construction processes on the surface that have an influence
on the underground structures

Figure 2. Urban metro system of Frankfurt am Main.

The construction of the urban metro system of Frankfurt am
Main started in 1962. The underground structures were built
with the cut-and-cover method in open excavations or were
mined using the New Austrian Tunnel Construction Method or
tunnel boring machines. The tunnel sections have 2 tracks in 1
tube or 2 parallel tubes with 1 track each. The urban metro
system consists of 23 km of tunnels (1 resp. 2 tubes) and 26
underground stations. An extension consisting of 2 km of
tunnels and 4 new underground stations is planned. An
overview of the urban metro system is given in Figure 2.
Under consideration of the above mentioned boundary
conditions the following procedures of the engineering
inspection and supervision of the urban metro system of
Frankfurt am Main are planned:
 standard inspection (E)
 main inspection (H)
 special inspection (S)

 supervision (B), in the structures and on
surface

The system of engineering inspection and supervision is shown
in Figure 3 and defines the modalities and procedures for the
tunnels as well as for the underground stations.
The standard inspection (E) is a visual inspection done on the
traffic level of the structures every 3 years, but not in years
when a main inspection (H) is scheduled. The main inspection
(H) is an inspection close to the structure. For main inspection
(H) auxiliary devices like mobile racks are necessary. Main
inspections (H) are also carried out before the period of
warranty ends. Special inspections (S) are carried out after
incidents with a strong impact on the structure (e.g. accident,
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fire) or are necessary after standard or main inspections. Special
inspections (S) do not replace the regular inspections (E) and
(H).
The supervision (B) takes place twice a year and consists of a
quick ascent. The underground supervision (B) is done on the
traffic level of the structures and is not applied in years of
standard or main inspections (E, H). The supervision (B) on the
surface has to detect the construction works that may have an
influence on the stability, traffic safety and durability of the
underground structures. The supervision (B) on the surface is
independent to all inspections and supervisions in the
underground.

In the case of a main inspection (Fig. 4) and if necessary in
cases of a special inspection (S) an evaluation of the status of
the structure is made regarding stability, traffic safety and
durability.
According to RI-EBW-PRÜF an extensive composition of
possible insufficiencies and defects was created by the TU
Darmstadt. This composition has benchmarks for the evaluation
of the status of a structure. The evaluation of an insufficiency or
a defect with 0 means that there is no effect on the stability,
traffic safety and durability. An evaluation of an insufficiency
or a defect with 4 means that the stability, traffic safety and/or
the durability is not given.
The durability is the most important aspect because it affects the
stability and the traffic safety. The evaluation of an
insufficiency or a defect regarding the durability has always
minimum the same number as regarding the stability and the
traffic safety.

Figure 3. Engineering inspection and supervision of tunnels and
underground stations of the urban metro system in Frankfurt am Main.

Table 2 shows an example of the schedule of the modalities and
procedures of engineering inspection and supervision.
Figure 4. Main inspection in a tunnel.

Table 2. Example of the schedule of the modalities and procedures of
engineering inspection and supervision.

3

The evaluation of the insufficiencies and defects lead to a status
grade for each tunnel section resp. underground station. A status
of 1.0 to 1.4 means that stability, traffic safety and durability of
the tunnel section or underground station are given. A status
grade of 3.5 to 4.0 means that stability, traffic safety and
durability of the tunnel section or underground station are not
given. The determination of a status grade of a structure is
shown in Figure 5.

APPLICATION IN ENGINEERING PRACTICE

The staff that is responsible for the engineering inspection and
supervision has to regard the stability, traffic safety and the
durability of the tunnels and underground stations.
Insufficiencies and defects are documented according RI-EBWPRÜF (Bundesministerium für Verkehr 2007). An insufficiency
is the deviance of the planned status of a structure or the applied
regulations. An insufficiency may have an effect on the
stability, traffic safety and/or durability. A defect is a
weakening or a damage of a structure that has definitively an
effect on the stability, traffic safety and/or durability.

Figure 5. Determination of a status grade of a tunnel section or an
underground station.

The determination of a status grade of a structure is important
for the maintenance actions. Connected to the status grade the
time periods of the maintenance actions have to be defined. The
actions have to be carried out shortly (less than 6 month), in the
medium term (less than 3 years) or in the long term (less than 6
years). In very dangerous cases immediate actions have to be
carried out.
The results of the engineering inspection and supervision are the
basis for the planning of the maintenance actions and the
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necessary maintenance investments (Table 3). So it is possible
to combine maintenance aspects with economic aspects.
Due to the experiences made with a lot of construction projects
on the surface the supervision (B) on the surface above the
underground structures was added to the supervision
procedures. For example the deconstruction of an up to 14
stories high-rise building released the soil and the underground
structure under the project area. Due to the unloading of the soil
the tunnels and the underground station got an uplift of about
2 cm (Katzenbach et al. 2011).
Nearly all modalities and continuous procedures of the
engineering inspection and supervision are carried out during
the operation of the urban metro system. The safety of the staff
has to be guaranteed.
Table 3. Example of status grades of tunnel sections.

4

CONCLUSIONS

On the basis of standards and regulations for engineering
inspection and supervision of different civil engineering
structures the TU Darmstadt developed a new concept for
tunnels and underground stations of urban metro systems for a
sustainable supply and maintenance of these structures. The
concept defines the modalities and the continuous procedures of
the inspections and the supervision and gives the possibility for
the evaluation of insufficiencies and defects of the structures.
The particularity of the engineering inspection and supervision
of underground structures results from 2 aspects. On one hand
the structure is only visible from the inner face of the structure.
On the other hand the operating crews of the metro trains are
one part of the continuously supervision with short time for
detection of insufficiencies and defects.
It is possible to transfer the developed concept to the urban
metro systems of other cities by adapting the boundary
conditions.
The developed concept will be adjusted to the following
aspects:
 experiences made in the next years
 increasing age of the structures
 new methods for inspection and supervision of the
structures
Due to the fact that there are no standards and regulations of
engineering inspection and supervision of tunnels and
underground stations of urban metro systems an International
regulation should be prepared.
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On the stability of a trap door evaluated by upper bound method
Sur la stabilité d'une trappe évaluée par la méthode de borne supérieure
Kobayashi S., Matsumoto T.
Kanazawa University, Japan

ABSTRACT: It is crucial to evaluate critical configurations of underground structures, such as a width of a structure under various
soil conditions and various depths, and a minimum support force to stabilize underground structures. In this article, for the sake of
simplicity, it is assumed that a trap door with width D buried at a certain depth in a modified Cam-clay soil is supported by upward
uniform pressure q. A critical pressure q* which is necessary to sustain a trap door is evaluated by upper bound method. As a failure
mode of a ground, it is assumed that a parabola-shaped loosened soil zone just above a trap door will fall down vertically. Calculated
results are summarized in charts which will be useful for practical design.
RÉSUMÉ : Il est essentiel d'évaluer les configurations critiques des ouvrages souterrains, tels que la largeur d'une structure dans des
conditions de sol et de profondeur différentes, et une force de soutien minimum pour stabiliser les structures souterraines. Dans cet
article, pour des raisons de simplicité, on suppose que la trappe avec largeur D enterré à une certaine profondeur dans une version
modifiée du Cam-Clay argileux est soutenue par la hausse de pression uniforme q. Une pression critique q* qui est nécessaire pour
maintenir une trappe est évaluée par la méthode de limite supérieure. En tant que mode de défaillance d'un sol, on suppose que la zone
en forme de parabole sol ameubli juste au-dessus d'une trappe va tomber verticalement. Les résultats calculés sont résumés dans les
tableaux qui seront utiles pour la conception pratique.
KEYWORDS: stability, trap door, underground structure, limit analysis, upper bound method, modified Cam-clay model
1

2

INTRODUCTION

It is crucial to evaluate critical configurations of underground
structures, such as a width of a structure under various soil
conditions and various depths, and a minimum support force to
stabilize underground structures. To this end, in this article,
upper bound analysis to evaluate the critical supporting
pressures of a underground structure is proposed. It will be
demonstrated the imortance of a ground arch for the stability of
underground sturectures, because critical supporting pressures
are depending on the width of a trap door.

DISCRIPTION ANE FORMULATION OF A PROBLEM

For the simplicity of a problem, a stability of a underground
sturucture at its crown will be focused on. In other words, a
possible failure mode such that a crown of a underground
structure and its surrounding soil may fall down, is investigated.
Other members of a underground structure, such as side walls
and an invert, are assumed to have enough strengths to neglect
structural failures at these members.
A soil is modeled as rigid-plastic material obeying Modefied
Cam-clay model and the associated flow rule. It is also assumed
that a soil is under a drained condition and generation and
dissipation of pore water pressures due to deformation of a soil
are neglected.
As a crown of a underground structure, it is simply assumed
that a trap door with width D buried at a certain depth in a soil.
To stabilize a trap door and a surrounding soil, a uniform
upward pressure q is applied on the surface of a trap door. A
target problem of this study is schematically illustrated in
Figure 1.
2.1

Size and shape of a loosened zone of a soil

A failure mode is assumed in upper bound analysis. Generally
speaking, it is difficult to find precise shape and size of a failure
zone of a soil at the instant of failure. Many case studies show
only shape and size of a failure zone after the event. Therefore,
in this study, a failure zone at the instant of failure is assumed to
be a parabolic shape which crosses at the both end of a trap
door. A vertical coordinate of this parabola is denoted as y0 in
Figure 2. This y0 stands for the frontier of rigid and plastic
zones. It is also assumed that a soil moves only vertically and its
distributions are linear both in the vertical and horizontal
directions within a parabola as is in Eq. (1).
Figure 1. Assumed failure mode and a loosened soil zone
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Figure 3. Modified Cam-clay model and associated flow rule

(1)

Total internal dissipation rate is then calculated by integrating
Eq. (8) over a volume:

A parameter  stands for a size of a loosened zone with respect
to the width D. Another parameter  is a magnitude of a
velocity which can be negligible due to the first order of
homogenuity in upper bound calculations.
2.2

Calculation of dissipation rate

Internal dissipation rate per unit volume can be expressed as in
Eq. (2) in terms of mean effective stress p’ and deviatoric stress
q.

(9a)

Where A and k are as follows,

(9b)

(2)
For a case of modified Cam-clay model (Figure 3), internal
dissipation rate should be derived from its yielding function (Eq.
3) and associated flow rule (Eq. 4) :
=0

(3)

(9c)
In this formulation, a closed-form solution of
obtained.
2.3

can be

Calculation of external plastic work rate

(4)

External plastic work rate consists of two terms;

done

Concrete form of internal dissipation rate for modified Camclay soil is as follows,

by self-weight of a soil in a loosened zone and
uniform upward pressure q.

due to

(5)

(10)

where py and M stand for a maximum consolidation stress and a
gradient of a critical state line which is can be uniquely
determined by tri-axial compression tests.
Volumetric plastic strain rates
strain rates

and deviatoric plastic

for assumed failure modes are as follows,

(11)
(6)

External plastic work rate

is then calculated as follows,
(12)

(7)
By substituting Eqs. (6) and (7) into Eq. (5), internal dissipation
rate per unit volume is shown as
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2.4

Evaluation of uniform pressure q to stabilize a trap
door

According to the upper bound theorem, a following inequality
holds if a structure is stable for the assumed failure mechanism:
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stable without a upward supporting pressure. In opposite to this,
for cases of D=3m and 4m cases, upward supporting pressures
are necessary to keep a trap door stable. In addition to this, for a
case of D=5m, a largest value of q cannot be found within a
range of a between 0 and 5. There results directly means that
stability of a trap door is deteriorated if a width of a trap door is
larger. It is commonly observed in tunneling engineering that a
pilot tunnel or a bench excavation is adopted prior to a full cross
section excavation.

a

Figure 4.Relation of uniform supporting pressure q and a size
parameter of a loosened zone 
(M=0.772 [=20 deg.], py’ = 100kPa)
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Figure 5.Relation of a trap door width D and a size parameter of a
loosened zone (py’ = 200kPa, buried depth 20m[assumption])

Therefore, by equilibrating internal dissipation rate and external
plastic work rate in eq. (13) and arranging them with respect to
a uniform upward pressure q, a following equation can be
derived,
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and a

Figure 4 illustrates a relation of a loosened zone size parameter
a and a uniform upward pressure q to support a trap door with
various trap door width D cases for a given soil condition. A
largest (critical) value of q for each case is denoted as solid
circle. For cases of a trap door width D=1m and D=2m, critical
values of q* are negative. This indicates that a trap door is
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Estimation of a most critical configuration of a
loosened zone and supporting pressure q*

To estimate a most critical size of a loosened zone, a maximum
value of q with respect to a shape parameter should be
calculated. This calculated qmax is a necessary uniform upward
pressure to support a trap door q*, provided that a failure
mechanism of the above soil is assumed to be a parabola. In this
paper, these calculations of q* are carried out for various
combinations of soil parameters.
Finally, calculated quantities such as a most critical size
parameter  and a most critical uniform upward pressure q* are

py'=100kPa
py'=200kPa

40

(14)
where A and k are as defined in equations 9b and 9c,
respectively. By substituting values of parameters in Eq. 14, it is
possible to calculate a uniform upward pressure q to get a trap
door stable for a provided failure mode.

summarized as a function of soil parameters
width of a trap door D.
3 ANALYTICAL RESULTS AND DISCUSSIONS

8
D(m)

30 deg.
35 deg.
40 deg.

Figure 5 depicts a relation of a size of a loosened soil  and
a trap door width D at a critical supporting pressure q*. In this
example, soil parameters are assumed that a maximum
consolidation stress is 200 kPa and various internal friction
angles. In this figure, a limit of the assumed failure modes is
also drawn such that d =  * D under the assumption that a
depth of a soil layer is d=20m. This limit line coincides with
cases when a loosened zone reaches the surface of a ground. For
such cases, a ground arch action cannot be expected. Figure 6 is
also a relation of a size parameter and a trap door width for
py’=300 kPa cases.

py'=80kPa
py'=150kPa
py'=300kPa

2.5

=20 deg.

Figure 6.Relation of a trap door width D and a size parameter of a
loosened zone (py’ = 300kPa, buried depth 20m [assumption])
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Figure 7.Relation of a trap door width D and a upward supporting
pressure q for various consolidation stress cases (py’ = 80-300kPa,
internal friction angle =30 deg.)

Relations of a most critical supporting pressure q* and a
trap door width D are shown in Figures 7 and 8 for various
consolidation stresses and internal friction angles. If q* is
positive, a trap door is stable without upward supporting
pressures. It is well observed that a trap door is more stable if a
consolidation stress
and/or an internal friction angle  are
larger. In other words, a critical trap door width without upward
supporting pressures is larger, if a consolidation stress and/or an
internal friction angle are larger.
Same results can be arranged as relations of a size of a
loosened soil  and a trap door width D shown in Figures 9 and
10. As a width of a trap door increases, a size parameter a also
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increases but much drastically. This indicates that a ground arch
action is less effective for larger width cases.
It should be noted that a merit and a limit of rigid-plastic
analysis in practical engineering. In this article, calculated
critical pressures q* are at the instant of failure. After the
occurrence of a failure, soil strength may change due to a
subsequent behavior, such as plastic hardening or softening with
volumetric change. However, such post failure behavior is out
of scope in rigid-plastic calculations. If such evolutionary
behavior is crucial, it is not recommended to use rigid-plastic
calculations. However, a short term stability accompanied by
unloading is dominant for a stability problem of a trap door,
because subsequent behavior of soils is not an engineering
interest. For this kind of problems, rigid-plastic calculations are
advantageous for engineering practice, because it is easy to
conduct parametric studies with less numbers of parameters of
models.
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Figure 9. Relation of a trap door width D and a size parameter 
for various consolidation stress cases (py’ = 80-300kPa, internal
friction angle =30 deg.)
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Figure 10. Relation of a trap door width D and a size parameter 
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Figure 8.Relation of a trap door width D and a upward supporting
pressure q for various consolidation stress cases (py’ = 80-300kPa,
internal friction angle =40 deg.)
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of a soil (py’ and M or ) and a width of a trap door D. If q* is
negative for a certain case, it means that a trap door is stable
without an upward supporting pressure. In general, if a trap door
buried in same soils, it is less stable for larger width cases.
Relation of a trap door width D and a size parameter  which is
linked to a size of a loosened soil zone above a trap door is also
quantitatively evaluated for various soil conditions. A parameter
 drastically increases with the increase of a trap door width D,
which reflects a ground arch action around a trap door.
A proposed method is simple, but also based on the rigorous
theoretical background. As this method requires less
computational time and cost, it might be promising for
parametric studies necessary for practical engineering, such as
preliminary design.

CONCLUSIONS

In this article, stability of a trap door buried in a modified Camclay soil supported by a uniform upward pressure is investigated.
Conclusions of this study are summarized as follows,
Rigid-plastic calculation is proposed to evaluate necessary
upward pressures to support a trap door. A failure mode of a
soil above a trap door is modeled as a parabolic shape with
linearly distributed velocities. Modified Cam-clay model with
the associated flow rule is adopted. Because it is focused on the
initiation of failures, no evolutionary behavior such as strain
hardening / softening is considered in the analysis.
Numerical results show that critical upward pressures q* for
the stability of a trap door are a function of material properties
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ABSTRACT: A modular approached tunnelling method is a new mechanized tunnelling method which has been developed to
construct large scale tunnels under-crossing the existing railroad tracks or other existing main artery traffics in urban areas. In the
method, a lining frame is first formed in a soil ground by with step-by-step excavation using a small tunnel boring machine and
insertion of a box-module. After completion of the lining frame, the soil within the internal section of the lining frame is excavated. In
this paper, the advancement and excavation processes of the box-modules operations were modelled using the finite element method
in order to investigate the effect of these construction processes on the ground response. The proposed modelling techniques were
applied to simulate a modular approached tunnelling work in soft cohesive soil in Tokyo and the results were compared with the field
measurements.
RÉSUMÉ : Une méthode modulaire approché tunnel est une méthode nouvelle tunnel mécanisé qui a été développée pour construire
des tunnels à grande échelle sous-franchissement des voies ferrées existantes ou d'autres trafics existants artères principales dans les
zones urbaines. Dans le procédé, un premier cadre de revêtement est formé dans un motif en sol à l'étape par étape à l'aide d'une
machine d'excavation du tunnel petite forage et l'insertion d'une boîte module. Après l'achèvement de la trame de revêtement, le sol à
l'intérieur de la section interne du cadre d'habillage est excavé. Dans cet article, les processus d'avancement et l'excavation des
opérations box-modules ont été modélisés à l'aide de la méthode des éléments finis afin d'étudier l'effet de ces processus de
construction sur la réponse du sol. Les techniques de modélisation proposées ont été appliquées pour simuler un travail modulaire,
s'approcha de tunnel dans un sol cohérent doux à Tokyo et les résultats ont été comparés avec les mesures sur le terrain.
KEYWORDS: modular approached tunnelling method, finite element method, constraction process, displacement, soft clay.
1

INTRODUCTION

A modular approached tunnelling method (Nozawa S. 2003) is
a new mechanized tunnelling method which has been developed
to construct large scale tunnels under-crossing the existing
railroad tracks or other existing main artery traffics in urban
areas.
In the method, a lining frame is first formed in a soil ground
by with step-by-step excavation using a small tunnel boring
machine and insertion of a box-module as shown in Figure 1.
After completion of the lining frame, the soil within the internal
section of the lining frame is excavated.
As the excavation by the tunnel boring machine is of small
scale and guided by the existing adjacent box-module, it is
possible to perform safe construction even where the
overburden is small. Therefore, as the modular approached
tunnelling method has a variable for a large cross section with
extremely shallow overburden earth coverage, the method has
been used extensively for the construction of road tunnels under
the existing rail track.
Since many advances such as the development of new
excavation machines have been made in order to optimise the
modular approached tunnelling method, the magnitude of soil
deformation has become small. However even with recent
advancements of the method, the tunnelling in soft clayey
ground, where the SPT-N value is close to zero, is still a major
technical challenge to engineers.
In this paper, the advancement and excavation processes of the
tunnel boring machine and the box-module are newly modelled
using the finite element method in order to investigate the effect
of the step-by-step construction processes on the ground
response. The proposed modelling techniques are applied to
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PC steel cable

Tunnel boring
Liningstructure
Frame
Wall
Datum element
machine

Segmental
Box-modules tunnel
PC steel cable

Pull jack

Tunnel
boring
machine
Tunnel boring
machine
Normal
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Figure 1. Overview of the
modular
approached tunnelling.
excavation
Existing box-module

Pulljack
jack
Pull
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element

Tunnel boring machine

Figure 2. Construction process of box-module.
simulate a modular approached tunnelling work in Tokyo and
the numerical results are compared with the field measurements.
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2

FINITE ELEMENT MODELLING OF EXCAVATION
AND ADVANCEMENT OF THE BOX-MODULES

Advancing segmental box

Figure 2 shows the excavation and insertion processes of boxjacking operation in the modular approached tunnelling method,
forward by applying mechanical pull jack forces and excavating
the tunnel boring machine and the box-module are driven the
soil in front of the tunnel boring machine with its cutting face.
The magnitude and distribution of the ground deformations are
largely controlled by the construction processes of each boxjacking. Therefore, when estimating the ground deformation
caused by the modular approached tunnel construction, care
should be taken of how to model the characteristics of the
machine and the construction processes.
Because of the complex boundary conditions of a box-jacking
tunnelling problem, the use of the finite element method is one
of the useful methods to investigate the ground deformation
behaviour. In reality, the stress-strain state of the soil changes
continuously as the tunnel boring machine and the box-module
advances. Then, in order to fully understand the ground
deformation mechanism associated with box-jacking, the
deformation caused by excavation and insertion processes of the
box-module needs to be investigated.
In this study, the excavation process is modelled by
introducing excavating finite elements in front of the tunnel
boring machine (Komiya K. et.,al. 1999). The advancement of
the tunnel boring machine is modelled by (i) remeshing the
finite elements at each time step, (ii) introducing the excavating
finite elements of a fixed size in front of the tunnel boring
machine, and (iii) applying external forces for the advancement
of the machine and box-module. Sequential illustrations of the
modelling of the excavation at the cutting face of the tunnel
boring machine (TBM) and the advancement of the machine
and box-module are shown in Figure 3.
Figure 3(a) shows the status of the tunnel boring machine and
box-module at reference time t0. In or-der to model the external
pull forces applied to the tunnel boring machine, forces are
applied at the nodes of the tunnel boring machine. During the
time interval of t0 to t0+dt, the excavating elements and the soil
elements adjacent to the tunnel boring machine elements will
deform by the external force (Figure 3(b)). The tunnel boring
machine will act as rigid bodies since a large value of stiffness
is used for the elements representing the tunnel boring machine.
After obtaining a solution for t = t0+dt, the finite elements are
remeshed as shown in Figure 3(c). The new mesh will have the
same mesh geometry relative to the tunnel boring machine as

(a) t=

Joint elements

Ground

Pull jack forces

Tunnel boring machine
and box-module

Excavating elements

(b) t= +dt

(c) t= +dt

Finite elements were remeshed.

Figure 3. Advance of the box-module simulated by using the
excavating elements.
t= t0, but the location of the tunnel boring machine and boxmodule has shifted. Again, the excavating elements will be
placed in front of the cutting face before applying external
forces given for the next time step. By doing so, the
construction processes of the box-module and the associated
stress-strain changes of the ground are numerically simulated in
a continuous manner.
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Figure 4. The formation of the box-modules (lining frame) and the site stratigraphy on the cross section.
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Figure 6. Three dimensional finite element model.

Figure 5. Arrangement of joint elements.

Figure 7. The order of the construction processes of box-module.
3

FINITE ELEMENT SIMULATION OF THE MODULAR
APPROACHED TUNNELLING WORK

A three dimensional finite element analyses were conducted to
simulate the construction process of the wall structure of a
modular approached tunnelling work in Japan. The sixty
rectangular box-modules of 0.85 m width, 0.85 m height and
30.0 m long were inserted in order to build the lining frame.
These box-modules were integrated finally to the lining frame
in approximately 23.10 m width and of 8.14 m height with earth
coverage of only 1.20 m underneath major rail tracks as shown
in Figure 4. The site stratigraphy determined from borehole logs
is also shown in Figure 4.
In this study, for convenience, the isotropic elastic model was
used to model the stress-strain behaviour of the soil, the tunnel
boring machine and the box-modules. Most of the input
parameters were determined from the results provided by
standard geotechnical tests on samples obtained at various
depths. Other input parameters, which were not able to be
determined from these tests, were assessed by the results of the
in-situ geotechnical tests. Summary descriptions of the soil
divisions and input parameters based on the examination of site
samples were given below:
(1) Bank-soil : E=5600 kN/m2, ν=0.333, ρ=1.735 g/cm3
(2) Fine sand : E=5600 kN/m2, ν=0.333, ρ=1.786 g/cm3
(3) Silt : E=1000 kN/m2, ν=0.444, ρ=1.531 g/cm3
(4) TBM and advancing box-module : E=4.7×105 kN/m2,
ν=0.300,ρ=1.786 g/cm3
(5) Existing box-module (lining frame): E=4.7×107 kN/m2,
ν=0.290, ρ=2.300 g/cm3
(6) Excavating elements : E=300kN/m2, ν=0.100, ρ=2.300
g/cm3
where E is Young's modulus, ν is Poisson's ratio and ρ is bulk
density.
Since the box-module was filled with mortar after completion
of advancement, the properties were different between the
existing box-modules (lining frame) and the advancing box-

module. For the excavating elements, a Young’s modulus of
300kN/m2, Poisson's ratio of 0.1 and the thickness of 1 m were
selected.
Goodman type joint elements (Goodman R.E., et.al, 1968)
were placed at the interface (A) between the soil and the boxmodule and (B) between the existing box-module and the
advancing box-module, in order to investigate inter-face
frictional effects on ground deformation as shown in Figure 5.
The frictional resistance stiffness of the joint elements (A) and
(B) are 100 and 200kN/m respectively and the normal stiffness
of the (A) and (B) are 5.0×105 and 1.0×106 kN/m respectively.
The measured pull jacking forces were applied as nodal forces
in front of the tunnel boring machine.
Figure 6 shows three dimensional finite element model using
the analyses. Figure 7 shows the order of the box-module
construction. The box-modules (B, C, D, E) at the top part of
the lining frame were first constructed, and then the boxmodules (F, G, H, I, J, K and M1, N1, O1) at the vertical wall of
the lining frame were constructed, after which the box-modules
(L, M, N, O) at the invert were constructed. The order of the
advancing of box-module in the invert section was [N2 and L1]
→ N3 → [M2 and L2] → [M3 and N4] → [M4 and N5] → M5
→ [M6 and N6] → M7 → O2. Braces [ ] indicates that two
box-modules were advanced simultaneously.
During constructing the box-modules of the invert part of the
lining frame, the contractor measured vertical displacements of
the existing top part of the lining frame at (already integrated)
B10, B5, A, C5 and C9 (see Figure 8) until the box-modules M6
and N6 were completely advanced.
Figure 9 and Figure 10 show the measured and the calculated
vertical settlement trough on the top part of the existing lining
frame at the end of the tunnel during the advancement of the
invert box-modules (L, M, N, O) respectively. The measured
and computed vertical displacement at the end of the boxmodule A is plotted against the order of the box-module
constructions in Figure 11. Although the calculated value
demonstrated an increase in vertical displacement during initial
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Figure 8. Location of the measurement points.
advancement of box-modules L1, L2 and L3, both the
calculated and measured vertical displacements are almost
identical after the insertion of the L3.
CONCLUSIONS

In this paper, the advancement and excavation processes of the
new modular approached tunnelling method were modelled
using the finite element method in order to investigate the effect
of these construction processes on the ground response. The
excavating finite element introduced in front of the cutting face
of the tunnel boring machine, and the operation of box-module
advancement and of soil excavation was simulated using the
finite element remeshing technique at each time step of the
analysis. The proposed modelling techniques were applied to
simulate a modular approached tunnelling work in soft ground
in Tokyo and the results were compared with the field
measurements.
The vertical displacement profiles of the lining frame were
obtained from the three-dimensional finite element simulation
using the proposed modelling technique for nine insert sections
of the box-module.
The shape of the computed settlement trough at the top of the
lining frame was similar to the measured results. Although the
calculated magnitude of vertical displacement was larger than
those in the first two insert sections, both the calculated and
measured vertical displacements of the lining frame were almost
identical after the third insert section of the box-module.
5
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Figure 9. Measured vertical settlement trough on the top part of
the existing lining frame.

Figure 10. Calculated vertical settlement trough on the top part of the
existing lining frame.

Advanced box-modules No.
Vertical displacement (mm)

4

L1l2

L1N 2終了

0

N3

N 3終了

L2M2
L2M 2終了 M3N4
M 3N 4終了 M4N5
M 4N 5終了

-10

-40

M6N6
M 6N 6終了 M7O2
M 7O 2終了

Measured

-20
-30

M5

M 5終了

Calculated

-50
-60
-70

Figure 11. Vertical displacement against the order of the box-module
constructions.

Cutting tool wear prognosis and management of wear-related risks for Mix-Shield
TBM in soft ground
Prévision d’usure des outils de coupe et management des risques liés à l’usure pour Mix-Shield
TBM en terrain meuble
Köppl F.

Herrenknecht AG, Schwanau, Germany

Thuro K.

Technische Universität München, Lehrstuhl für Ingenieurgeologie, Munich, Germany

ABSTRACT: The wear of cutting tools is a major issue in Mix-Shield tunneling in soft ground, because it is the most common reason
for intermission of advance. Thereby the costs for the downtime commonly exceed the costs for the changed cutting tools. However,
due to the inaccessibility of the processes involved and the variety of influencing factors, there are no prognosis tools available, that
provide reliable information on cutting tool life. With the detailed data analysis of 18 Mix-Shield TBM drives, this paper takes an empirical approach to tool wear in soft ground. The data analysis results in a qualification and quantification of the relevant influencing
factors on cutter tool life. This leads to a prognosis model for cutter life in soft ground for Mix-Shield TBM, based on empirical correlations with soil parameters and TBM design and advance parameters. For a realistic approach the model is completed by an engineering process to translate the cutter life into distances for intermission of advance and required amount of cutting tools to be changed.
RÉSUMÉ: L’usure des outils de coupe est un sujet majeur lo de L’excavation en mode Mix-Shield car elle est la raison principale des
interventions hyperbares. En effet, les coûts des interventions hyperbares sont souvent supérieurs aux coûts des outils remplacés. A
cause de la difficulté d’accés au processus d’excavation et la diversité des facteurs influents, il n’existe pas d’outil de prévision analytique ou empirique permettant d’obtenir des informations fiables sur la durée de vie des outils. Avec une analyse détaillée concernant
18 tunnels forés avec des TBM Mix-Shield, ce document sert de base pour une approche empirique concernant l’usure des outils de
coupe en terrain meuble.Les résultats reposent sur l’analyse quantitative et qualitative de tous les facteurs ayant une influence sur la
durée de vie des outils. L’exploration de ces résultats mène à un modèle de prévision de la durée de vie des outils de coupe en terrain
meuble pour TBM Mix-Shield bàse sur des corrélations empiriques des paramètres géologiques, de forage et du design du TBM. Pour
une approche réaliste, le modèle intégrant un process d’ingénierie, permet de convertir la durée de vie de outils en distance pour les
interventions hyperbares ainsi que la détermination du nombre d’outils à changer.
KEYWORDS: Mix-Shield TBM, cutting tools, wear, soft ground, wear prognosis, risk management.
1

INTRODUCTION

The changing of cutting tools on Mix-Shield TBMs is either
either done at fixed positions with prearranged grout blocks or
with hyperbaric works in the excavation chamber. Therefor advance is intermitted and the bentonite suspension is partly replaced by compressed air, which maintains the support of the
excavation face while the tools are changed manually. The position for the interventions and the obtainable length of the intervals between the interventions is determined by the wear of the
cutting tools. At the same time the boundary conditions in the
projects are often critical for hyperbaric interventions, e.g. due
to high support pressure, or overlying infrastructure. Consequently careful and foresighted planning of the interventions is
necessary in order to avoid such critical areas.
In contrast to this, there are no models available, which allow for a reliable prognosis of the tool life (KÖHLER
et al. 2011). Insights on tribological mechanisms on metal surfaces are widely available, but neither analytical models
(BERETITSCH 1992), index tests for the abrasivity of soils
(NILSEN et al. 2006a,b,c, THURO et al. 2006, THURO & KÄSLING
2009, JAKOBSEN & DAHL 2010, GHARAHBAGH et al. 2011), nor
empirical analyses of individual projects (GWILDIS et al. 2011)
have resulted in sufficient correlation with the actual wear on
Mix-Shield TBMs.
The research presented in this paper therefore focuses on the
empirical analysis of tool wear data from reference projects employing Mix-Shield TBMs. The analysis results in the identification and quantification of the relevant influencing factors on
tool life and therefore enables a prognosis of the tool life for
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Mix-Shield TBMs in soft ground. The tool life can then be used
in an engineering process to determine the position of the necessary interventions I, the intervals bI and the necessary amount of
tools to be changed nt.
2
2.1

DATA ANALYSIS
Basic data

For the data analysis 10 reference projects employing 13 Mix
shield TBMs for 18 drives were researched. The related tool
change data are summarized in tab.1.
Table 1. Overview of the raw tool change data researched in the reference projects.
Soil type
DIN EN 14688 T1
Clay & Silt
Sand
Gravel

Volume
[m³]
2.843.645
1.281.604
1.188.783

Disc Cutters
[pcs.]
212
238
1.180

Scrapers
[pcs.]
327
937
1.336

Total:

5.314.031

1.630

2.600
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For each of the cutting tools the cutting distance sc in km describing the tool life was calculated. Given the track radius rt of
the tool in mm or rather the cutting distance of the tool per cutter head revolution 2  rt, the penetration rate p in mm/rev and
the advance chainage ba and bs of the TBM in m, where the cutting tool was assembled on and disassembled from the cutter
head, the cutting distance sc in km can be approximated by (1).

 Unclear definition of statistical properties for the basic data.
Due to these factors e.g. a multivariate analysis of variance for
relevant influencing factors is not feasible. Consequently options for the standardization of a variety of the impact factors
were developed, in order to enable a selective regression analysis of single factors or combinations of factors. The available
options are based on comparison of different advance situations:
 Comparison of the cutting distance sc in different geotechnical sections excavated by a TBM without changing TBM
design and advance parameters.

Following that, distinct values for the relevant influencing
factors on the tool life were attributed to each tool change.
Based on the work of THURO (2002) in general geotechnical parameters and TBM design and advance parameters were considered as influencing factors.
The attribution of distinct values for geotechnical parameters
required the formation of geotechnical sections. The criteria applied for the formation of the sections were:
 Constant share of different soil types in the excavation face
in % (+/- 10%).

 Constant water table above the tunnel axis hwt in m
(+/-5 m).
The documentation of the tool changes in the reference projects is insufficient for a clear determination of the condition of
each tool at the boundary between geotechnical sections. The attribution of distinct values for geotechnical parameters is therefore limited to tools that were assembled and disassembled on
the cutter head within one section.
The TBM advance data were taken from the data acquisition
system of the TBMs. For each tool change average values between the chainage of the assembly ba and disassembly bs of the
tool on the cutter head were calculated.
In order to focus the data analysis on the constant wear of the
cutting tools caused by the abrasivity of the excavated soil all
preventive tool changes as well as damages of tools were eliminated from the data pool, because they usually occur before the
wear limit of the cutting tool is reached.
Considering the formation of geotechnical sections and
elimination of preventive tool changes and damages, only 23%
of all tool changes could be identified as significant for the constant tool wear caused by the abrasivity of the soil. The tool
changes utilized in the data analysis are summarized in tab.2.
Table 2. Overview of the tool change data utilized for the data
analysis.
Volume

Disc cutters

Scrapers

DIN EN 14688 T1
Clay & Silt
Sand
Gravel

[m³]
2.787.514
620.783
817.076

[pcs.]
32
125
278

[pcs.]
119
106
245

Total:

4.225.373

435

470

2.2

 Comparison of the cutting distance sc for different TBM advance parameters between parallel tunnels excavated by
identical TBMs.
 Comparisons of the cutting distance sc for individual impact
factors between different projects, in case all other impact
factors can be standardized.
2.3

 Constant thickness of the cover above the tunnel axis hta in
m (+/- 10 m).

Soil type

 Comparison of the cutting distance sc for different TBM design parameters in a geotechnical section without changing
TBM advance parameters.

Results

In the first step the data analysis enables the qualification of the
influencing factors on tool life in the TBM design and advance
parameters given in tab. 3. However, the impact of these factors
could not be quantified based on the available data, mainly due
to very limited fluctuation range of the factors in the reference
projects.
Table 3. Overview of the influencing factors qualified in the data
analysis and the according fluctuation range in the reference projects.
TBM design parameters:

Range:

Cutter head opening ratio ORTBM [%]
Disc cutters:
Diameter [inch]
Hardness of the cutter rings [HRC]
Height above cutter head steel structure hdc [mm]
Scrapers:
Width tsc [mm]:
Wear protection of the cutting edge:
Tungsten carb. coverage of the tool surface [%]:
Height above cutter head steel structure hsc [mm]

28,4 – 31,0 %

100 mm
Tungsten carbide
30 - 85%
140 mm

TBM advance parameters:
Cutter head rotation speed rpm [1/min]
Density of the bentonite suspension ρSF [g/cm³]
Support pressure PSF [bar]

Range:
0,9 – 2,2 1/min
1,15 – 1,37 g/cm³
0,9 – 3,7 bar

17”
57 +/-1
175 mm

Exceptions to tab. 3 are given by the following three influencing factors that could be quantified in the data analysis.
For disc cutters the impact of the tip width tdc [mm] of the
cutter ring can be quantified. The actual cutting distance sc increases proportionately with the tip width tdc. Based on the most
common value of 19 mm for tdc in the reference projects, the
according impact factor ft on the cutting distance sc for the
prognosis model is described by:

Analysis method

The process oriented empirical analysis of the tool change data
has the target to identify and quantify the relevant influencing
factors on tool life. In addition, the following factors given in
the reference projects were considered in the analysis method:
 Variance of the documentation quality.
 Range of different data types to be analyzed.
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For scrapers the analysis allows for the quantification of the influence of the penetration rate p [mm/rev] and the number of
identical scrapers per cutting track and direction of cutter head
rotation ksc.

Technical Committee 204 / Comité technique 204

The penetration rate p influences on the cutting forces
(BERETITSCH 1992), thereby increasing penetration rate results
in increasing cutting forces and wear. Based on the average
value of 16 mm/rev for p in the reference projects, the impact of
the penetration rate on the cutting distance sc can be described
for the prognosis model by the impact factor fp :

The number of scrapers per cutting track ksc influences the
actual penetration rate psc of each scraper on the cutting track,
since the penetration rate p is shared between all scrapers on the
track depending on the angular distance between the scrapers.
Inversely to the penetration rate p, the impact of the number of
scrapers per cutting track on the cutting distance sc can be described for the prognosis model by the impact factor fk:

the excavation volume vc in m³ of cutting tools for EBP machines (JAKOBSEN & DAHL 2011).

Figure 1. Correlation of the Soil Abrasivity Index (SAI) and the cutting
distance sc of disc cutters in different geotechnical conditions.

For the impact of geotechnical parameters the analysis shows
that the correlation of individual parameters with the actual cutting distance sc does not lead to reasonable results. Therefore a
new index value considering the three main influencing factors
on abrasive wear was developed. These factors are:
 Abrasivity of the soil components
 Stress at the contact surface between soil and cutting tool
 Shape parameters of the soil components
For the description of the abrasivity of the soil components
the Equivalent Quartz Content (EQC) in % was selected because of the wide applicability of the test on different soil types
and the high availability in the reference projects. The contact
stress τact [kN/m²] was approximated by the shear strength of the
soil in the excavation face τc using the MOHR-COULOMB criterion. As shape parameter for the soil components the grain size
D60 in mm was selected, describing the size where 60% of all
grains in the soil are smaller than the given value.
The three parameters are weighted and combined in the new
Soil Abrasivity Index (SAI) (5). Theoretically the dimension of
the index is N/m, however the index should be regarded as dimensionless, because of its entirely empirical character.

Figure 2: Correlation of the Soil Abrasivity Index (SAI) and the
cutting distance sc of scrapers in different geotechnical conditions.

3

The results of the data analysis allow for the invers application
as an empirical prognosis model for the basic tool life. Based on
the tool life an engineering process for the estimation of the resulting demand for hyperbaric interventions I and the intervals
bI between the interventions can be derived.
3.1

For the analysis of the correlation of the SAI with the actual
cutting distance sc achieved by disc cutters in the reference projects the tip width tdc of the disc cutters was standardized at 19.0
mm. The according correlation is shown in fig. 1.
For scrapers a very similar correlation between the SAI and
the actual cutting distance sc was found. Here the number of
identical scrapers per cutting track and direction of rotation ksc
was standardized at 2.0. The according correlation is shown in
fig. 2.
For both tool types the analysis results in a significant exponential correlation between the Soil Abrasivity Index and the
cutting distance sc. This type of correlation reflects the generally
expected relation of soil abrasivity and tool life. An increase in
the Soil Abrasivity Index (SAI) leads to an according decrease
in the cutting distance sc and vice versa. The correlations comply with the finding that such correlations are in general continuous and nonlinear (FRENZEL 2010). A similar but weaker
correlation was found between NTNU soil abrasion tests and

PROGNOSIS MODEL

Basic tool life prognosis

The basic value for the cutting distance scb in km results from
the Soil Abrasivity Index SAI (5), entered in the correlations
given in fig. 1 and fig. 2 for disc cutters and scrapers. In addition the accuracy of the prognosis has to be considered. For a
conservative approach, a reduction of the value of scb derived
from the correlations in fig. 1 and fig. 2 by 40-50% is recommended.
3.2

Correction of TBM design and advance parameters

The basic value for the cutting distance scb needs to be corrected
according to the actual TBM design and advance parameters.
The correction results in the expected value for the cutting distance sce in km for disc cutters (6) and scrapers (7).
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The resulting prognosis values are only valid for projects and
TBMs that also comply with the standardized ranges for the
other influencing factors on the tool life given in tab. 3.
3.3

Prognosis of interventions and tool changes

Based on the expected value for the cutting distance sce the
maximum obtainable length bI,max in m of the intervals between
interventions for tool changes can be estimated for each geotechnical section using the estimated penetration rate pe in mm
and the diameter of the TBM DTBM in m (8).

While bI,max is calculated for both, disc cutters and scrapers,
only the lower value of both is considered for the determination
of the position of the interventions for tool changes I. Consequently the positions can be determined by consecutive addition
of the intervals bI,max. More detailed calculations for the determination of bI,max considering the factor of utilization of the individual tools are necessary, in case bI,max covers the boundary
between different geotechnical sections where different values
for sce and pe are estimated. In addition the positions of the interventions also need to be adapted to the boundary conditions
for hyperbaric works along the tunnel axis. Therefore the actual
length of the intervals bI,act can also be selected lower than bI,max
(9) in order to shift the position of the interventions I and avoid
critical areas.
The relation between bI,act and bI,max influences on the
amount of tools that need to be changed during each intervention in order to allow for the intended length of the interval to
the next intervention. The lower bI,act is selected compared to
bI,max, the less tools have to be changed during each intervention, but in return the number of interventions increases.
The number of tools nt,I to be changed during each intervention can be calculated in detail from the factor of utilization of
each individual tool. However, this process is often not feasible
during early planning stages of a project. Therefore an estimator
for the relation of nt,I and the total number of cutting tools on
the cutter head ntbm shown in fig. 3 was developed from a detailed simulation of several TBMs in different ground conditions. In the estimator in fig. 3 disc cutters and scrapers can be
considered separately, based on the maximum obtainable length
of the intervals bI,max (9).

Figure 1. Estimator for the amount of cutting tools nt,I to be changed
during an intervention I.

Aside the planned interventions for tool changes also short
interventions for validation of the geological conditions and the
estimated values for the cutting distance sce have to be considered. A common strategy is to validate sce in each new geotechnical section once the actual cutting distance sc,act of the tools
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reaches a value equal to 30-50% of sce in the new geotechnical
section. Again the factor of utilization of the individual tools at
the boundary between the geotechnical sections has to be considered.
Additional interventions have to be taken into account if
risks for damages of the cutting tools due to clogging in fine
grained cohesive soils, in soils containing boulders or manmade
obstacles like steel reinforced concrete piles are indicated.
4

CONCLUSIONS

The results presented in this paper provide a new approach to
the empirical prognosis of tool wear and the related demand for
interventions for Mix-Shield TBMs in soft ground. However,
the model still needs to be validated in practical use and an even
wider data base is necessary to quantify further influencing factors. For both tasks a followup of the prognosis during advance
is mandatory. Consequently the methods for the acquisition of
geological data (WENDL 2012) and tool wear data in the advance phase need to be improved. The improvement of the
prognosis model and its application in a more detailed version
additionally depend on development of according software tools
in order to organize the amount of various data types and follow
up the exact condition of each individual tool on the cutter head.
5
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Compensation Grouting with shallow and deep foundations – case study from the
Metro B1 in Rome
Injections de compensation pour les fondations superficielles et profondes – étude
de cas de la ligne de métro B1 à Rome
Kummerer C.

Keller Grundbau, Vienna (Austria)

Sciotti A.

Roma Metropolitane, Rome (Italy)
ABSTRACT: For the construction of the new Metro B1 line in Rome a large number of geotechnical specialist works were performed
for the considerably deep stations and the protection of buildings. In two areas where the cover between the foundation and the tunnel
was very limited (less than 3 m distance), compensation grouting was utilized to mitigate TBM induced settlements for structures
founded on shallow and deep foundations with 19 m long piles, respectively. The paper presents the experience of the two
compensation grouting works, discussing the problems associated with the shaft construction and addressing the results of full-scale
field trials made in order to study the efficiency of compensation grouting.
RÉSUMÉ : Pour la construction de la nouvelle ligne de métro B1 à Rome, un grand nombre d'ouvrages spécialisés géotechniques a
été effectué pour le bâtiment considérablement profond de la station, ainsi que pour la protection des bâtiments. Dans deux secteurs,
où la distance entre la fondation et le tunnel a été très limité (moins de 3m), des injections de compensation ont été utilisés pour
atténuer les affaissements de bâtiments induits par le tunnelier pour des structures fondées respectivement sur des fondations
superficielles ou profondes avec piles de 19 m de longueur. Cet article présente l'expérience des deux ouvrages avec des injections de
compensation, en discutant les problèmes liés à la construction du puits et en traitant les résultats des essais à grande échelle complets,
réalisés afin d'étudier l'efficacité des injections de compensation.
KEYWORDS: Compensation grouting, deep shafts, infrastructure works, urban tunnelling
1

INTRODUCTION

The new underground lines Metro B1 and Metro C are
important infrastructure works for Italy’s capital city Rome.
Both Metro lines are characterized by challenging construction
conditions due to varying ground properties, deep stations with
high groundwater table and archaeological records. In
particular, the realization of the Metro B1 as a branch of the
existing line Metro B was difficult with its 4 new stations and
the excavation of approx. 7 km single track tunnel with 6.8 m
diameter and 1 km of double track tunnel with 9.8 m diameter.
The construction started in 2005, and tunnelling works were
finished in 2012. The section ‘Bologna’ – ‘Conca D’Oro’ was
inaugurated in June 2012.
The geology along the Metro B1 stretch is depicted in Figs. 1
and 2, respectively. In the area of ‘Bologna Station’ the soils
interested by grouting and tunnelling are pyroclastic formations
and recent alluvial deposits.

The groundwater table for the entire Metro B1 is located at
few meters below ground surface. Table 1 provides an overview
of the main soil layers and their geotechnical parameters.

Figure 2. Geological cross section between ‘Gondar Station’ and ‘Ionio
Station’ (right hand side); for legend see Fig. 1.
Table 1. Geotechnical parameters for main soil layers.

Figure 1. Geological cross section between ‘Bologna Station’ (left hand
side) and ‘Gondar Station’.

Grouting and tunnelling works for the ‘Ionio Station’ were
mainly made in Paleotevere gravels or silts and sands,
respectively.
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unit

c[kPa]

phi[°]

E[MPa]

Man-made ground

0

30

20-70

Pyroclastic

0-20

28-38

90-400

Recent alluvial OC

15-45

19-27

60-160

Recent alluvial NC

0-5

28-30

60-160

Paleotevere-sand

0-30

26-37

80-200

Paleotevere-silt/clay

5-30

20-34

80-200

Paleotevere-gravel

0-10

32-41

100-300
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2

COMPENSATION GROUTING FOR SHALLOW
FOUNDATIONS

Compensation grouting is frequently applied in urban tunnelling
projects to reduce the impact of tunnelling to adjacent buildings
providing the advantages of an active protection measure
according to the observational method. For a detailed
description of the compensation grouting method see Falk and
Kummerer (2012). In the particular case of Metro B1,
compensation grouting substituted the original design with full
face (jet) grouting of the cross section for the following reasons:






In total, more than 100 monitoring points were installed for
controlling the compensation grouting operation with a zero
reading before any activity on site.
As all grouting parameters (e.g. TAM spacing, grout mixes,
injected volumes) were tested during the field trial, the grouting
operation was very efficient during the excavation of both
tunnels. The settlements were below the tolerable values. Fig. 4
shows both tunnels from the final station shaft.

reduction of space requirements as all activities were
located within small shafts and one site installation area
no additional area needed to provide the space for drilling
rigs (e.g. on roads closed for traffic)
simple drilling geometry with two parallel grouting pipe
(TAM) arrays avoiding complex 3D drilling set-ups
reduction of spoil resulting from jet grouting
real-time monitoring of critical buildings with the
possibility of actively correct undue deformations.

Before implementing compensation grouting for 8 critical
buildings close to ‘Bologna station’, the actual state and
tolerable deformations of these structures were assessed in
comprehensive studies. The allowable maximum absolute and
differential settlement was defined with 15 mm and 1/500,
respectively. Deformation analyses based on the well-known
soil behaviour showed that for the assumed volume loss of 0.6
to 2.0% (with a tunnel diameter of 6.8 m) settlements would
exceed the allowable value. To prove the efficiency of
compensation grouting, a full-scale field trial under similar
conditions was performed demonstrating that a controlled heave
of an isolated footing of 4 cm was achieved after a cycle of
repeated controlled grouting steps with special cement based
grout mixes. For a detailed description of the design and the
field trail see Sciotti et al. (2011).
The grouting strategy identified by means of the field trial
was applied to these building protected by 197 TAM pipes
installed on a ground surface of approx. 3,000 m². All buildings
were pre-heaved by max. 5 mm to prove the immediate reaction
for concurrent grouting. To guarantee high accuracy drillings,
all TAMs were installed with the Horizontal Directional
Drilling-Technology. For ‘Building 1’ the grouting pipes had a
radius of 120 to 140 m (see Fig. 3). Although the minimum
distance of the TAMs was less than 1 m from the foundation, no
significant settlement was measured during drilling.

Figure 4. Picture of finished upper tunnel and TBM in end position for
lower tunnel.

3

COMPENSATION GROUTING FOR PILED
FOUNDATIONS

Compared to the conditions of the above mentioned works with
relatively shallow foundations, circumstances were different at
‘Ionio Station’ (Kummerer et al. 2012). The tunnel diameter
was 9.8 m (double track tunnel). The grouted and excavated
soils were gravels with a low content of fines. And more
important, all buildings are founded on piles with a typical
diameter of 600 mm and a pile length of max. 19 m. Therefore
additional studies were necessary to address the very complex
situation of compensation grouting for piled foundations.
As a consequence and due to the fact that worldwide only
limited experience was available for grouting underneath piled
foundations, an additional real-scale field trial was performed.
For the trial an already excavated station was chosen
representing conditions similar to the actual compensation
grouting works. A dead load of approx. 50 kPa above 9 piles
with a length of 15 m and 20 m respectively represented the insitu conditions (see Fig. 5).

Figure 5. Photo of ‘Ionio Station’ full-scale field trial.
Figure 3. Cross section of compensation grouting for ‘Building 1’.

Fig. 6 shows the schematic cross section of the field trial
with ballast, piles and monitoring (liquid levels, pressure cells,
precise levelling and incremental extensometers).
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Figure 6. Field trial for real-scale testing of the response of grouting
underneath piled foundations.

Figure 8. Schematic cross section of piled foundation at ‘Ionio Station’.

Due to the high void content of the soil a considerable grout
take was observed during the pre-treatment phase. The targeted
heave of 20 mm was achieved with grout efficiencies
comparable to those with shallow foundations. The results can
be seen in Fig. 7 for selected water levels.

Figure 7. Vertical heave of selected pile heads monitored during the
heaving phase.

With the results obtained from the field trial the protection of
4 buildings was designed. For the TAM arrays two deep shafts
were realized in closest vicinity to service lines such as a high
voltage power line and adjacent apartment buildings (see Figs. 8
and 9). For the shaft construction Soilcrete-jet grouting was
utilized for the lateral walls (two rows of columns) and the
sealing slab as it proved to be a flexible and reliable solution.
Buildings were monitored with real-time monitoring during jet
grouting. The control of the jet grouting elements and the water
tightness of the shaft was performed by means of pumping tests
and thermal leakage and diameter controls.
From the shafts (max. 24 m deep, inner diameter 5.0 m and
6.0 m, respectively) two layers of TAMs at a maximum depth of
approx. 20 m were installed without disturbance of the adjacent
structures. Due to the variable pile length, TAMs were
implemented at different depths in order to keep the distance
between TAMs and piles constantly at 1.0 to 1.5 m.

Figure 9. Arial view of finished shaft with 6 m inner diameter and 24 m
depth.

The deformation of ’Building 146’ is represented in Fig. 10.
Generally the passive effect of the pre-treatment phase reduced
the deformation, with active grouting an additional reduction of
absolute and differential settlement was obtained.

Figure 10. Vertical response of buildings during TBM excavation.
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4

COMPARISON OF DEFORMATION BEHAVIOUR
BETWEEN GROUTED AND NON TREATED AREAS

The efficiency of compensation grouting was proven during the
TBM excavation underneath ‘Building 164’ (see Fig. 11). This
5 storey building with shallow foundations is located next to the
exit shaft which is filled with water sealing material to allow for
the entrance of the TBM. The soil profile is determined by fill
and sandy soil, underlain by gravel in the tunnelling section.
The groundwater table is 4 m below ground surface. The cover
between the footings and the 9.8 m diameter tunnel is ca. 13 m.
The TAM array with two layers of grouting pipes was designed
in function of the risk assessment.

passed. Both liquid levelling points clearly show the effect of
grouting with a maximum settlement of 10 mm (TL 11). The
settlement during the tunnel excavation was significantly lower
(approx. 3 mm for TL 11). It has to be mentioned that
settlement compensation in the transition zone between the
untreated and the grouted area had to be limited in order to
avoid undue differential settlements.

Figure 13.Vertical displacements due to tunnelling and grouting activity
in distinct monitoring points.

5

Figure 11. Cross section of ‘Building 164’.

The plan view of ‘Building 164’ with respect to the tunnel
excavation and the exit shaft is depicted in Fig. 12. The TAM
array covers the building only in the part of the building where a
major risk of settlement was assumed when entering in the final
shaft (while cutting the diaphragm wall). A large number of
water gauges and precise levelling points were installed on the
structure to assess the deformation.

CONCLUSIONS

Compensation grouting was used for the construction of Metro
B1 in Rome to limit absolute and differential settlements in
critical areas, where the risk of damaging the buildings has high.
The buildings were founded on shallow foundations and piles.
Due to compensation grouting operations, settlements were
significantly below the tolerable values and confirm the
efficiency of the building protection measure technically and
economically both for shallow and deep foundations.
For the design of these compensation grouting projects it
was fundamentally to establish the grouting strategy by means
of full-scale field trials.
6
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Figure 12. Plan view of the ‘Building 164’ next to the exit shaft.

The implementation of the grouting pipes took place after
settlements were observed during the approach of the TBM.
Fig. 13 shows the vertical displacement of 2 monitoring points
of ‘Building 164’ during the excavation of the TBM. These
instruments are the liquid levels TL 08 and TL 11 installed in
the compensated area. To compare with the settlement in the
untreated zone, precise levelling point N 24 is also indicated in
Fig. 12. In monitoring point N 24 the maximum final settlement
for this building was measured with 20 mm after the TBM has
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An evaluation of influence factors that affect pressures in backfilled trenches
Une évaluation de facteurs d'influence qui affectent les pressions dans des tranchées remblayées
Li L., Aubertin M., El Mkadmi N., Jahanbakhshzadeh A.
Polytechnique Montreal, Canada

ABSTRACT: Infrastructure rehabilitation and development drives part of the economy of many countries. This line of engineering
works includes many projects with conduits in trenches, which are commonly used to house service infrastructures such as cables,
sewers, and pipes. The design of these subsurface facilities requires a correct evaluation of the loads imposed by the fill material on
the buried conduits. The analysis of these stresses necessitates an assessment of the interaction between the backfill and abutment
walls. In practice, conduit design is usually based on an overly simplified arching solution proposed by Marston. A number of
influencing factors are not taken into account with this approach. In this paper, the authors use numerical simulations to investigate
the effect of key influencing factors on the vertical stress distribution in a backfilled trench. The results show how the vertical stresses
may change with the filling sequence, trench width, walls inclination, and backfill properties.
RÉSUMÉ : La réhabilitation et le développement des infrastructures conduisent une partie importante de l'économie de plusieurs
pays. Cette ligne des travaux d'ingénierie comprend beaucoup de projets avec des conduites dans tranchées qui sont couramment
utilisées pour loger des infrastructures de service tels que des câbles, des égouts et des tuyaux. La conception de ces aménagements
nécessite une évaluation correcte des charges imposées par le matériau en remblai sur les conduites enfouies. Dans la pratique, la
conception de ces conduites est souvent basée sur une solution sur-simplifiée proposée par Marston. Plusieurs facteurs d'influence ont
été négligés dans cette approche. Dans cet article, on utilise des modélisations numériques pour investiguer l'effet des facteurs clés sur
la distribution des contraintes verticales dans une tranchée remblayée. Les résultats montrent comment les contraintes verticales
peuvent changer en fonction de la séquence de remblayage, de la largeur d'une tranchée, de l'angle d'inclinaison des murs, et des
propriétés des remblais.
KEYWORDS: Trenches; Backfill; Stress distribution; Arching; Numerical modeling.

1

INTRODUCTION

The rehabilitation and development of municipal and industrial
infrastructures are driving the economy of many countries.
These works include projects with conduits in trenches, which
are commonly used to deliver gas, water and other services. The
design of these subsurface facilities requires the evaluation of
the loads imposed by the fill on the buried conduits. The
analysis of these stresses necessitates an assessment of the
interaction between the backfill and abutment walls. Due to the
stiffness contrast between the relatively soft fill material and
abutment walls, the former usually tends to settle more in the
trenches, while the latter holds the fill in place due to frictional
stresses along the interfaces. Part of the overburden weight is
then transferred to the stiffer walls. This load transfer, known as
"arching effect" (Janssen 1895), is a common phenomenon in
geotechnical engineering when a particulate material is placed
in silos and bins (Blight 2006), behind retaining walls (Goel and
Patra 2008), in mining stopes (Li et al. 2005; Li and Aubertin
2008, 2009a,b,c, 2010; Ting et al. 2011; Thompson et al. 2012),
and in relatively shallow and narrow trenches (Whidden 2009).
The design methods for conduits buried in trenches are often
based on a stress solution proposed by Marston (1930), who
made use of Janssen (1895) arching theory. The validity of
Marston’s solution is limited by several simplifications,
including the fact that it has been developed for vertical walls.
In practice, trenches with inclined walls are often used, in order
to reduce the risk of soil sliding. A common practice for
estimating the loads on buried conduits is then to use Marston’s
solution with the trench width at the top level (crown) of the
conduit (Handy and Spangler 2007). The load obtained from
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this approach corresponds to that of a vertical opening with the
width at the crown of the conduit. This approach can however
lead to overestimate the magnitude of the stress transfer to the
walls, and to underestimate the pressure on the buried conduit.
The calculated load is then non-conservative (Handy and
Spangler 2007). Efforts have thus been devoted to modifying
the basic Marston’s solution (e.g., Li et al. 2012a,b). Other
limitations of this solution include neglecting the effect of
backfill cohesion, dilation, and stiffness, and also of the filling
sequence.
This paper presents results from a numerical investigation on
influence factors that may affect the vertical stress distribution
in trenches with inclined walls.
2

MODELING WITH FLAC

Analytical solutions are practical for engineers, but numerical
modeling constitutes a more powerful tool to handle complex
problems. In this investigation, the commercialized software
FLAC (Fast Lagrangian Analysis of Continua; Itasca 2002) was
used; this code is well adapted to help solve geotechnical
problems with sequential excavation and/or backfilling.
Figure 1 shows a trench having walls inclined at an angle ,
a width Lb at its base, filled to a thickness Hb. The backfill
obeys an elasto-plastic law with the Coulomb criterion. Its
response is controlled by the values of Eb (Young’s modulus),
b (Poisson’s ratio), γb (unit weight), 'b (internal friction angle),
c' (cohesion), and 'b (dilation angle). The modeled trench is
filled to a height of 10 m. The walls inclination  is varied from
90° to 20° (with respect to the horizontal). The material
surrounding the backfill is homogeneous, isotropic, and linearly
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elastic, described by Er (Young’s modulus), r (Poisson’s ratio),
and r (unit weight).

120
100

v (kPa)

x

Hb

80
60

20 layers
10 layers

40





5 layers

20

h

0

1 layer

6
8
10
h (m)
Figure 3. Vertical stress distribution along the vertical central line
(VCL) of the trench with different filling layer number; details are given
in Table 1.

Lb
Figure 1. Geometry of the backfilled trench with inclined walls.
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Table 1. Details of the numerical simulations conducted for
investigating influence factors. Other properties include γb = 18 kN/m3
for the backfill; Er = 30 GPa, r = 0.25, and r = 27 kN/m3 for the linear
elastic material forming the two walls.
Fig.
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3.1
Figure 2. Model discretization of the trench with an enlarged view.

Figure 2 shows a typical discretization used for numerical
modeling with FLAC; symmetry is taken into account so that
only half of the trench is considered. The numerical simulation
is performed in steps, with the excavation of the trench being
completed at first. The trench is then filled in layers, after initial
walls displacements.
Figure 3 shows the vertical stress distribution along the
vertical central line (VCL) when the number of filling layers
varies from 1 to 20 (to attain the full height Hb). It is noted that
the stress magnitude increases slightly when the number of
layers goes from 1 to 10. The stress is about the same for 10 or
20 layers. In the following, all simulations are performed with
10 layers of filling (i.e. 1 m / layer).
Table 1 presents details of the numerical simulations
conducted to investigate influencing factors related to the trench
geometry and properties of the backfill, which may affect the
vertical stress distribution along the VCL of inclined walls
3

VERTICAL STRESS DISTRIBUTION

In this section, the influence of the trench geometry, properties
of the backfill, is assessed in term of the vertical stress
distribution along the VCL.
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simulation performed with 10 layers of filling;
var = varying value.

Effect of trench geometry

3.1.1 Wall inclination
Figure 4 shows the variation of the vertical stress distribution
along the VCL with the wall inclination angle . One sees that
the stress magnitude increases when the wall inclination angle 
decreases from 90° (vertical trench) to 20°. The vertical
pressures obtained by the numerical modeling remain below the
linear vertical stress distribution calculated from the overburden
(i.e. v = γbh), indicating the occurrence of some arching effect.
These results shown in Fig. 4 are not unexpected. Keeping
the width at the base of the trench (Lb) constant, a decrease in
the wall inclination angle () leads to an increase of the trench
width in the upper part. This tends to decrease the arching effect
and leads to an increase in the vertical stresses in the backfill.
These results also indicate that the direct application of Marston
(1930) solution to a trench with inclined walls would tend to
underestimate the loads on the conduits, leading to non
conservative design (Li et al. 2012a,b).
All other calculations are performed with  = 70°.
3.1.2 Trench width
Figure 5 presents the vertical stress distributions obtained from
the simulations along the VCL for different width at the base of
the trench (Lb). Without any surprise, it is seen that an increase
of width Lb leads to a significant increase in the vertical stresses
in the backfill.
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mine stopes, where the vertical stresses becomes almost
insensitive to 'b when the friction angle is greater than about
20° (e.g. Li and Aubertin 2009c; Singh et al. 2010).
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3.2.3 Dilation angle
Figure 8 illustrates the vertical stress distribution along the VCL
in the trench, obtained for different backfill dilation angle 'b.
Results tend to indicate that the stress magnitude tends to
decrease slightly when the dilation angle increases from 0° to
30°.
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Figure 4. Vertical stress variation along the VCL of the trench for
different wall inclination angle ; other parameters are given in Table 1.
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Figure 7. Vertical stress distribution along the VCL for different backfill
friction angle 'b; details are given in Table 1.
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Figure 5. Vertical stress distribution along the VCL for different width
at the base of the trench (Lb); details are given in Table 1.
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Effect of backfill properties

3.2.1 Cohesion
Figure 6 shows the vertical stress distributions obtained by
numerical simulations along the VCL for different values of the
backfill cohesion c'b. These results tend to indicate that the
stress magnitude may change significantly with the cohesion
within the interval between 1 kPa and 100 kPa. Below a value
of 1 kPa, the effect of cohesion can be considered negligible;
once the backfill cohesion value reaches 100 kPa, further
increase does not have any effect on the vertical stress
distribution (in the cases considered here).
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Figure 6. Vertical stress distribution along the VCL for different backfill
cohesion c'b; details are given in Table 1.

3.2.2 Internal friction angle
Figure 7 presents the vertical stress distributions along the VCL
with the trench. These simulations results indicate that a
stronger backfill, with a higher friction angle 'b, induces more
stress transfer to the walls, due to arching effect, so the vertical
stresses are reduced.
It is worth noting here that these results are somewhat
different from those obtained for vertical and inclined backfilled

6
8
10
h (m)
Figure 8. Vertical stress distribution along the VCL for different backfill
dilation angle 'b; details are given in Table 1.
0

2

4

3.2.4 Young's modulus
The influence of the backfill stiffness on the vertical stress
distribution along the VCL is presented in Figure 9. It is
observed that the vertical stress is almost constant when the
value of the Young's modulus of the backfill is smaller than
about 1/30th of that of the material forming the walls. Beyond
that value, the vertical stress can increase significantly with an
increase in backfill stiffness.
It is also seen that the vertical stress magnitude is always
below the linear overburden solution, even when the backfill is
stiffer than the wall, indicating that there is no negative arching
in these cases. This response is due to the fact that the
settlement of the soil adjacent to the trench takes place before
the fill is put in place. This differs from results predicted by
some conventional solutions.
3.2.5 Poisson's ratio
The influence of the Poisson's ratio of the backfill on the
vertical stress distribution along the VCL is presented in Figure
10. One sees that the influence of this parameter on the vertical
stress distribution is very limited. This observation is quite
different from that for inclined mine backfilled stope where the
vertical stress decreases significantly with an increase in
backfill Poisson's ratio (Li and Aubertin 2009c).
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Figure 9. Vertical stress distribution along the VCL for different
Young's modulus of the backfill Eb; details are given in Table 1.
overburden

150

0.2

120

0.25

90

0.35

v (kPa)

180

6

30
6
8
10
h (m)
Figure 10. Vertical stress distribution along the VCL for different
Poisson's ratio of the backfill b; details are given in Table 1.
0

2

4

0

2

4

Vertical displacement (mm)

1.6
1.2
0.8
0.4
0

6
8
10
h (m)
Figure 11. Vertical displacement distribution along the VCL for filling
in 10 layers; case shown in Figure 3, with details given in Table 1.

4

5

ACKNOWLEDGEMENTS

The authors acknowledge the financial support of the NSERC
(RGPIN). The authors also received financial support from the
Industrial NSERC Polytechnique-UQAT Chair on Environment
and Mine Wastes Management.

60

0

transfer near the base of the trench. Figure 11 shows the vertical
displacements along the VCL for a trench filled in 10 layers
(case shown in Figure 3). It is seen that the displacements of the
backfill tend to increase with depth h from the surface down,
reaching a maximum near mid-height of the trench. Below, the
vertical displacements decrease with depth, becoming nil at the
base of the trench. This behavior is associated with a decrease
of the downward displacements that is due in part to the
narrowing geometry of the opening and presence of the trench
floor, and which reduces the shear strains (and stresses) along
the fill-wall interfaces. In turn, this leads to a less pronounced
arching effect and an increase of the vertical stresses. This
explains, at least partially, the tendencies observed on the
results presented above.

DISCUSSION AND CONCLUSION

In this paper, influencing factors related to trench geometry and
properties of the backfill are investigated using numerical
simulations to assess their effect on the vertical stress
distribution.
The results show that the most influential factors are the
walls inclination angle, trench width, and backfill cohesion,
friction angle and stiffness. The vertical stress distributions
along the VCL of trenches are less sensitive to variations of the
Poisson's ratio and dilation angle of the backfill.
The Young's modulus of the backfill may also significantly
influence the vertical stress distribution when its value is larger
than about 1/30th of that of the material along the walls. Below
this value, the vertical stress distribution can be considered
insensitive to the backfill stiffness.
It is finally noted that most of the vertical stress distributions
along the VCL show an upward curvature at h ~ 8 to 9 m,
followed at greater depth by a quasi-linear trend (almost parallel
to the overburden pressure). This indicates a reduced stress
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Prediction of hard rock TBM penetration rate based on Data Mining techniques
Modèles de prévision du taux de pénétration de tunnelier dans les roches dures
Martins F.F., Miranda T.F.S.

Department of Civil Engineering, University of Minho, Campus de Azurém, 4800-058 Guimarães, Portugal

ABSTRACT: The aim of this work is to use Data Mining tools to develop models for the prediction of hard rock tunnel boring
machine (TBM) penetration rate (ROP). A database published by Yagiz (2008) was used to develop these models. The parameters of
the database were the uniaxial compressive strength (UCS), an index used to quantify the brittleness and toughness and denominated
peak slope index (PSI), the distance between the planes of weakness (DPW), the angle between tunnel axis and the planes of
weakness (α) and the output parameter rate of penetration (ROP). The R program environment was used as a modeling tool to apply
the artificial neural networks (ANN) and the support vector machine (SVM) algorithms and the corresponding models. These models
were compared with two equations presented by Yagiz (2008) and Yagiz and Karahan (2011). It was concluded that the ANN model
has the best performance. Moreover, these new models allowed computing the importance of the different input parameters for
predicting machine performance. It was concluded that PSI is the most important parameter and UCS is the less important parameter.
RÉSUMÉ : L'objectif de cette étude s’agit d'utiliser des outils de Data Mining en vue de développer des modèles de prévision de la
taux de pénétration d’un tunnelier dans les roches dures (ROP). Une base de données publiée par Yagiz (2008) a été utilisée pour
développer ces modèles. Les paramètres de la base de données comprend la résistance en compression uniaxiale (UCS), un index que
permettre mesurer la fragilité et la ténacité appelé d’index de pic maximal (PSI), la distance entre les plans de faiblesse (DPW), l'angle
entre l'axe du tunnel et le des plans de faiblesse (α) et le paramètre de sortie dénommé de taux de pénétration (ROP). L'environnement
du programme R a été utilisé comme un outil de modélisation pour appliquer les algorithmes des réseaux de neurones artificiels et des
machines à vecteurs de support et leurs modèles correspondants. Ces modèles ont été comparés à deux équations présentées par Yagiz
(2008) et Yagiz et Karahan (2011). On a conclu que le modèle des réseaux de neurones artificiels a été la meilleure performance. En
outre, ces nouveaux modèles ont permis le calcul de l'importance des différents paramètres d'entrée pour prévoir la performance de la
machine. Il a été conclu que l'PSI est le paramètre le plus important et l’UCS est le paramètre moins important.
KEYWORDS: tunnel boring machine, penetration ratio, data mining, machine learning
1

INTRODUCTION

The first question that arises when someone wants to excavate a
tunnel with a tunnel boring machine is to evaluate its
performance. However, this is a very complex task that requires
not only the choice of a performance parameter but also of
predictive models that require not only this parameter but also
other input parameters. Yagiz (2008) pointed out as relevant
performance parameters the penetration ratio (ROP), the ratio of
excavated distance to the operating time during continuous
excavation phase, and advance rate (AR), the ratio of both
mined and supported actual distance to the total time.
Nevertheless, according to the author, most of the forecasting
models are related with the prediction of the ROP. There are
many kinds of forecasting models. These include theoretical,
empirical, artificial neural network, fuzzy logic, genetic
algorithms and particle swarm optimization (Yagiz and Karahan
2011).
Yagiz (2008) using a statistical approach obtained a
predictive equation of ROP as a function of measured
engineering rock properties. Recently, Yagiz and Karahan
(2011) presented a new equation to estimate ROP using the
particle swarm optimization. Both studies included as
independent variables the uniaxial compressive strength (UCS),
an index used to quantify the brittleness and toughness and
denominated peak slope index (PSI), the distance between the
planes of weakness (DPW) and the angle between tunnel axis
and the planes of weakness (α). Their database consisted of 153
collected data sets related to Queens Water Tunnel # 3, stage 2,
New York City, USA.
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The aim of this study is to develop models based on Data
mining techniques such as artificial neural networks (ANN) and
support vector machines (SVM) using the same database
presented by Yagiz (2008) and to compare the performance of
these models with the performance of the ones presented by
Yagiz (2008) and Yagiz and Karahan (2011).
2

REVIEW OF DATA MINING IN TUNNELLING

Feng et al. (2004) presented a novel machine learning method,
termed support vector machine (SVM), to obtain a global
optimization model in conditions of large project dimensions,
such as tunnels, small sample sizes and nonlinearity. A new idea
is put forward to combine the SVM with a genetic algorithm.
The results indicate that the established SVMs can appropriately
describe the evolutionary law of deformation of geo-materials at
depth and provide predictions for the future time steps with
acceptable accuracy and confidence. Liu et al. (2004)
introduced the SVM regression algorithm for the design of
tunnel shotcrete-bolting support parameters. Suwansawat and
Einstein (2006) attempt to evaluate the potential as well as the
limitations of ANN for predicting surface settlements caused by
EPB shield tunneling and to develop optimal neural network
models for this objective. Gajewski and Jonak (2006) presented
the results of a research work using ANN to classify the signals
of machining forces typical for particular worn cutting tools.
Javadi (2006) explored the capabilities of neural networks to
predict the air losses in compressed air tunneling. Yoo and Kim
(2007) demonstrated that an integrated Geographical
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information system-Artificial Neural Network (GIS–ANN)
approach can be used effectively as a decision support tool for
making tunneling performance predictions that are required in
routine tunnel design works. Boubou et al. (2010) analyzed
ground movements induced by tunnelling and their correlation
with TBM operation parameters using a nonlinear least square
approximation and an ANN. Measured ground movements are
reproduced with reasonable agreement by each of the two
approaches. Lui et al. (2011) proposed a predictive control
strategy for earth pressure balance during excavation, where an
earth pressure prediction model taking advance speed and screw
conveyor speed as the control parameters is established by
means of least squares support vector machine (LS-SVM). The
simulation results demonstrate that their method is very
effective to control earth pressure balance. Jiang et al. (2011)
presented an integrated optimisation method for the feedback
control of tunnel displacement which combines the SVM,
particle swarm optimisation (PSO) and numerical analysis
methods. Lü et al. (2012) proposed an efficient approach for
probabilistic ground-support interaction analysis of deep rock
excavation using the ANN and uniform design. Mahdevari and
Torabi (2012) developed a method based on ANN for prediction
of convergence in tunnels. Darabi et al. (2012) preformed tunnel
stability analysis and subsidence prediction using empirical,
numerical, neural network and statistical methods.
Mohamadnejad et al. (2012) used three approaches to predict
the vibrations in excavations. The vibrations were predicted
using several widely used empirical methods and two
intelligence science techniques namely general regression
neural network (GRNN) and SVM. They conclude that the
SVM technique is more precise than the other used methods.
Pourtaghi and Lotfollahi-Yaghin (2012) presented an alternative
method of maximum ground surface settlement prediction
caused by tunnelling, which is based on integration between
wavelet theory and ANN, or wavelet network (wavenet). The
simulation results indicate excellent learning ability compared
to the conventional back-propagation neural network with
sigmoid or other activation functions. Mahdevari et al. (2012)
employed well-known Artificial Intelligence based methods,
SVM and ANN, to predict the ground condition of a tunneling
project. They concluded that the performance of the SVM
model is better than the ANN model and a high conformity was
observed between predicted and measured convergence for the
SVM model.

Figure 1. Example of a multilayer perceptron.
The SVM (Cortes and Vapnik 1995) were originally
designed for classification problems based on the separation of
two classes of objects using a set of functions known as kernels
(Figure 2). In this process, called mapping, the classes are
separated by hyperplanes being used one iterative optimization
algorithm to find the hyperplane that provides the largest
separation between the classes. This separation is related to a set
of support vectors in the feature space.

Figure 2. Example of the SVM transformation.
Both in classification and regression methods there is an
error function to minimize subjected to some constraints. In this
paper it will be used the popular Kernel with Radial Basis
which presents less hyperparameters and smaller numerical
difficulties than other kernels (eg, polynomial or sigmoid) 
Cortez 2010):




k ( x, y ) exp   x  y

,   0

(1)

In addition to the parameter of the kernel, γ, two more
parameters are used: the penalty parameter, C, and ε, the width
of the ε-insensitive zone.
The performance of models was assessed using the Mean
Absolute Deviation (MAD, Equation 2), the Root Mean
Squared Error (RMSE, Equation 3) and the Pearson’s productmoment correlation coefficient (R).

3 ARTIFICIAL NEURAL NETWORKS AND SUPPORT
VECTOR MACHINES
Artificial Neural Networks are intended to be an approximation
to the architecture of the human brain. These networks consist
of processing units (nodes) interconnected according to a given
configuration. The multi-layer perceptron (Figure 1) is the most
popular configuration (Haykin 1999).
The nodes are constituted by: a set of connections (wij), each
one labeled by a weight, which has an excitatory effect for
positive values and inhibitory effect for negative ones; an
integrator (g), which reduces the n input arguments (stimuli) to
a single value; and an activation function (f) which can
condition the output signal, by introducing a component of nonlinearity in the computational process.
In the present paper the network weights are initially
randomly generated within the range [-0.7, +0.7] and it is used
the logistics activation function (1 / (1 + exp (-x)). Then, the
training algorithm is applied adjusting successively the weights,
stopping when the slope of the error is approximately zero or
after a maximum number of iterations. The prediction is made
by adding the contribution of all connections activated.
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where N denotes the number of examples, yi the desired value
and ŷi the estimated value by the considered model.
4

DATABASE AND PREVIOUS EQUATIONS FOR ROP

The database used in this study was presented by Yagiz (2008)
and is composed of 153 data sets collected from 151 different
locations from a tunnel excavated in fractured igneous and
metamorphic rock in New York City. The independent variables
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present in the database are UCS, Brazilian Tensile Strength
(BTS), PSI, DPW and α and the dependent variable is ROP.
However, according to Yagiz (2008), BTS is the property that
presents the lowest correlation with the ROP. Therefore, it was
excluded from the dataset.
Table 1 presents some statistical attributes from the database.
Table 1. Statistics of the input and output parameters.
Parameter

Min

Mean

Max

Std. Dev.

118.30

149.89

199.70

22.09

25

34.64

58

8.42

0.050

1.023

2.00

0.642

2

44.57

89

23.21

1.27

2.05

3.07

0.36

Inputs
UCS (MPa)
PSI (kN/mm)
DPW (m)
α (º)

Output
ROP (m/h)

Yagiz (2008) performed several statistical analyses with the
database to develop a predictive equation of TBM performance.
The commercial software package for standard statistical
analysis (SPSS) allowed the author to generate several models
and to obtain empirically the best predictive equation of ROP:

m / h )  1 . 093  0 . 029 . PSI  0 . 003 .UCS
ROP 
 0 . 437 . Log    0 . 219 . DPW

divided into 10 parts of equal size. Sequentially, each subset
was tested with the adjusted model with the leftover records.
The overall performance is given by the mean values of the
errors (MAD and RMSE) and the Pearson’s product-moment
correlation coefficient (R) in 10 runs.
The errors (MAD and RMSE) and the Pearson’s productmoment correlation coefficient (R) obtained during the training
phase of the models that allow evaluating the performance of
ANN and SVM are presented in Table 3. It can be seen that
both algorithms have good behavior. However there is a slightly
better performance of SVM.
To evaluate the importance given by the models to the input
parameters it is necessary to perform a sensibility analysis. In
this analysis each parameter is changed over its range of
variation, while maintaining the others constant, and calculated
the variance of the output parameter. The input parameter that
induces a higher variance in the output parameter is the most
important one. The relative importance is given in Table 4.
Based on these results, we can state that both techniques give
almost the same importance to all the parameters. The most
influential parameters is PSI, followed by α and DPW. The less
important parameter is UCS. The database used in this paper
corresponds to a rock mass with a lot of joints and faults. This
can explain the low influence of the UCS in the machine
performance. PSI translates the influence of rock toughness and
brittleness in machine performance. Therefore it is
understandable its great influence on ROP.
Table 3. Performances of ANN and SVM obtained in the training phase.

Yagiz and Karahan (2011) using partial swarm optimization
obtained the following equation:

  0 .0041 .UCS  0 . 0292 . PSI  0 . 4016 .DPW
ROP m / h
 1 . 6756 .

 0 . 217

0 . 584

SVM

MAD

0.196

0.192

RMSE

0.234

0.231

R

0.760

0.765

(5)
Table 4. Relative importance (%) of the input parameters.

 2 . 827

Table 2 shows the values of the errors and Pearson’s
product-moment correlation coefficient (R) using a linear
regression between the measured and the predicted values
obtained with both equations and using all the dataset. A slight
improvement was obtained from equation 4 to equation 5.
Table 2. Performances of Equations 4 and 5.

5

ANN

Parameter

(4)

Parameter

Eq. 4

Eq. 5

MAD

0.184

0.178

RMSE

0.216

0.207

R

0.815

0.817

Parameter

ANN

SVM

UCS

5.49

5.33

PSI

65.94

65.90

DPW

12.39

11.69

α

16.18

17.08

Table 5. Metrics obtained adjusting the models with all the dataset.
ANN

SVM

MAD

0.163

0.185

RMSE

0.195

0.227

R

0.838

0.796

Parameter

PREDICTION OF ROP USING ANN AND SVM

The ANN and SVM were applied using the R program
environment (R Development Core Team 2010) which is an
open source freeware statistical package. This software can be
used with other packages that allow performing DM analyses.
Therefore, a specific program R-Miner developed by Cortez
(2010) was used to apply the SVM and the ANN and evaluate
their behaviour under a different set of metrics. It must be
emphasized that R-Miner allows the application of other DM
algorithms and was already applied before by Martins and
Miranda (2012).
The ANN and SVM were tested in predicting the ROP being
adopted an assessment scheme using 10 runs in a 10-fold crossvalidation (Efron and Tibshirani, 1993), where the records were

Figures 3 and 4 show the comparisons between the measured
and predicted ROP for ANN and SVM. It can be seen for both
models that for ROP values between 1.5 and 2.5 the set of
points is near the 45º slope line. Outside this range it seems that
the ANN model provides better results. The errors and R
associated to these figures are presented in Table 5.
It can be seen that the ANN models have lower errors and
higher R than the SVM.
Comparing the results of Tables 2 and 5 it is possible to
conclude that the ANN model has better performance than the
Equations 4 and 5.
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Figure 3. Comparison between the measured and predicted
ROP from the ANN model.

Figure 4. Comparison between the measured and predicted
ROP from the SVM model.
6

CONCLUSIONS

Using a database of geotechnical data published by Yagiz
(2008) ANN and SVM algorithms were applied in order to
develop new models to predict the machine performance.
In the training phases, using a cross-validation scheme, the
SVM algorithm had slightly better performances than the ANN
algorithm. However, using the induced model with all dataset,
the ANN gives lower errors and greater R than SVM.
When all the dataset is used ANN had even better
performance than the models presented by Yagiz (2008) and
Yagiz and Karahan (2011).
The most important input variable is PSI and the less
important input one is UCS.
7
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Assessment of Empirical Method Used to Study Tunnel System Performance
Évaluation de la méthode empirique utilisée pour étudier la performance du système de
tunnel
Mazek S.A.

Civil Engineering Department, Military Technical College, Cairo, Egypt

El Ghamrawy M.K.

Civil Engineering Department, El-Azhar University, Cairo, Egypt
ABSTRACT: Tunnels are major projects of buried structures in civil purposes. The Greater Cairo metro and El-Azhar road tunnels have
been constructed as major projects of buried structures in Cairo City. Tunneling causes movements in surrounding soil. Tunnel construction
in cohesionless soil is a sophisticated process leading to cause potential damage to exist surface and subsurface structures. The finite element
analysis (FEA) is used to predict surface displacement due to tunnelling. Surface displacement equation (SDE) proposed by Peck and
Schmidt (1969) is also used to calculate surface displacement due to tunnelling.
For assessing the reliability of the FEA, a case history along the Greater Cairo Metro tunnel is considered. A comparison between the field
measurements and those obtained by the FEA and the SDE is made. The surface settlements obtained by the SDE are examined with those
obtained by the FEA at different sand soil densities. However, the SDE does not consider impact of different sand soil types. The surface
settlement profile computed by the SDE is in poor agreement with those obtained by the FEA in loose to medium sandy soil. The surface
settlement profiles computed by the SDE agree well with those calculated by the FEA in dense and very dense sandy soil.
RÉSUMÉ : Tunnels et ouvrages souterrains sont grands projets de structures enterrées dans des fins civiles et militaires. Le Grand métro du
Caire et El-Azhar tunnels routiers ont été construits comme des grands projets de structures enterrées au Caire City. Construction souterraine
profonde provoque des mouvements dans le sol environnant. Mouvement du sol est un facteur important lors de la construction de tunnels.
La construction de tunnels dans le sol sans cohésion est un processus complexe conduisant à potentiel de causer des dommages à l'existence
des structures superficielles et souterraines. Les mouvements de terrain dépendent des propriétés du sol, la profondeur du tunnel, le diamètre
du tunnel, et la méthode de construction.
Dans la présente étude, l'analyse par éléments finis (FEA) est utilisé pour prédire le déplacement de surface en raison de processus de
tunneling basé sur l'étude de cas. Équation de déplacement en surface (SDE) proposé par Peck et Schmidt (1969) est également utilisé pour
calculer le déplacement de surface en raison de processus de la structure de la construction enterrée. Pour évaluer la fiabilité de l'analyse par
éléments finis, une histoire de cas le long de la ligne Grand Caire tunnel de métro 2 est envisagée.
KEYWORDS: Tunneling, settlement, numerical modeling and analysis, displacement, empirical method.
1

INTRODUCTION

Tunnel construction causes movements in surrounding soil.
Ground movement is an important factor during design phase and
selection of appropriate method of tunnel construction. The state of
stress and the soil displacement around a tunnel system are affected
by construction process of tunnel (Ahmed, 1994; El-Nahhass, 1986;
Mazek and El-Tehawy, 2008). The influence zone due to tunneling
depends on many parameters such as type of subsoil properties,
tunnel depth, tunnel geometry, and tunneling method. The tunnel
excavation can be modeled by finite element method under
different soil conditions, different tunnel geometries, and different
construction procedures (Ahmed, 1994; El-Nahhass, 1986; ElNahhass, 1999; Mazek and El-Tehawy, 2008; Ezzeldine, 1999).
In this paper, a 2-D finite element model (FEM) is proposed to
predict surface displacement due to tunneling. The modeling of
such a problem should include details of tunnel construction phases
and associated changes of stresses around the tunnels. A nonlinear
stress-strain constitutive model is adopted for soil media
surrounding the tunnel. A case study on the Greater Cairo Metro
tunnel Line 2 (Fig. 1) is conducted to assess the accuracy of the
finite element analysis (FEA). The computed surface settlements
are compared with the field measurements. A good agreement is
found. The main objective of this paper is to examine surface
displacement obtained by both the FEA and the surface
displacement equation (SDE) developed by Peck and Schmidt
(1969). The 2-D finite element analysis considers parameters of
different sand soil densities. However, the SDE does not consider
influence of different sand soil types on surface settlement due to
tunneling.
The subsurface soil profile along the Greater Cairo Metro is shown
in Fig. 1 (Compo and Richards, 1998; El-Nahhass et al., 1994; ELNahhass, 1999; NAT, 1993, 1999, 2010). The Geotechnical

properties of soil in central Cairo city are presented in Table 1
(Abdel-Salam, 1998; EL-Nahhass, 1999; NAT, 1993, 1999, 2010).
2

FINITE ELEMENT MODEL

The finite element code Plaxis-V8.2 is used to model tunnel system
performance. Analyses of displacement and stress around tunnel
system are carried out using a 2-D plane strain finite element taking
into account behavior of tunnel lining and soil media. The soil, the
tunnel lining, and the interface medium are simulated using appropriate
finite elements model as shown in Fig. 2. Numerical modeling of tunnel
system reflects the ground continuum and the tunnel lining. In addition,
the compatibility and equilibrium condition at the interface between the
soil and the tunnel system are idealized in the numerical model. Six
nodes triangular 2-D plane strain element is used to model soil
media. 2-D beam element is used to model the tunnel lining.
A nonlinear stress-strain constitutive model is adopted for soil around
tunnel system. A yield function of the Mohr-Coulomb and a plastic
potential function of the Drucker-Prager are employed. Linear elastic
behavior is assumed for the tunnel liner.
Boundary conditions are defined to provide stability of tunnel
system. The vertical boundaries of the 2-D finite elements model
are restrained by roller supports to prevent a movement normal to
the boundaries. The horizontal plane at the bottom of the mesh
represents a rigid bedrock layer and the movement at this plane is
restrained in two directions. The movement at upper horizontal
plane is free to simulate a free ground surface.
3

PROPERTIES OF MODEL MATERIALS

The geological formations along Greater Cairo Metro line 2
projects are typical Cairo Nile Alluvial deposits (NAT, 1993, 1999;
2010). The tunnel was mostly bored in slightly sand. The ground
water table varies between 2 m and 4 m from ground surface.
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Three distinct soil layers were encountered. A fill layer extends
three meters from ground surface. The fill layer consisted of
asphalt, broken red bricks, and stones. A natural deposit of stiff
overconsolidated silty clay layer under the fill layer is varied from 4
m to 10 m. This deposit includes occasional sand and silt partings.
Beneath the silty clay layers, the silty sandy layer extends from 0.25
m to 1.0 m. Beneath the silty sand layers, the sandy layer extends
down to the bedrock.
Soil parameters were derived from in-situ and laboratory tests. The
main Geotechnical parameters used in the 2-D FEA are presented in
Table 1. The circular tunnel lining consists of seven segments and
one key. The length of the ring is 1.5 m long. The thickness of
tunnel lining is 400 mm. The characteristics of the tunnel lining are
tabulated in Table 2 (NAT, 1993, 1999, 2010).
4

TUNNEL PERFORMANCE UNDER VARIUOS PARAMETERS

The stress and the strength parameters of loose, medium, dense, and
very dense sand are considered in the FEA (Duncan et al., 1980).
The soil parameters required to model performance of tunnel
system are presented in Table 3 (Duncan et al., 1980).
Diameter of tunnel is varied from 5 m, 7.5 m, 10 m, and 12.5 m.
The tunnel is located at different types of cohesionless soils (loose
sand, medium sand, dense sand, and very dense sand). The
numerical analysis is carried out using the drain analysis as the
tunnel passes through sand layer. The variation of soil modulus
(Es) with confining pressure is related to effective pressure based on
Janbu’s empirical equation (Janbu, 1963) as presented in Eq. (1).
The different soil parameters (m, n) are selected to simulate the
behavior of different soil types (Duncan et al., 1980).
n

 
(1)
Es  mPa  3 
P
 a
Where; the modulus number (m) and the exponent number (n) are
both pure numbers, Pa is the atmospheric pressure expressed in
appropriate units, and σ 3 is effective confining pressure.
The surface displacements (surface settlement) are estimated using
empirical equation developed by Peck and Schmidt (1969) as
presented in Eq. (2). The surface displacement trough is calculated
by the normal Gaussian probability curve as shown in Fig. 3.
2
S= Smax exp   x 

 2i 2 



(2)

where; S is surface displacement, Smax is maximum surface
settlement at the point above tunnel centerline, x is distance from
tunnel centerline in transverse direction, and i is horizontal distance
from tunnel centerline to point of inflection of settlement trough.
Based on the case study involving medium sand, Smax is recorded in
the field. For loose sand, dense sand, and very dense sand, Smax is
estimated using the 2-D finite element analysis. Attwell el at.
(1986) proposed (i) parameter included in the SDE as presented in
Eq. 3.
n
i
 = 1, n=1
(3)
 Z 
  

R

 2R 

Where; Z is overburden depth from ground surface to C.L of tunnel,
R is radius of tunnel, and  and n are constant parameters.
5

SOIL-TUNNEL PERFORMANCE

The case study is located along the Greater Cairo Metro Line 2, as
shown in Fig. 1. The 2-D finite element model is used to predict
the performance of the metro tunnel. The overburden depth from
ground surface to crown of the metro tunnel is 18 m. The computed
values are compared with the field measurements so as to
understand the behavior of the metro tunnel system. This
comparison is used to assess the accuracy of the numerical model,
as shown in Fig. 4. The comparison shows that there is a good
agreement between the computed and measured results.
The stress changes in soil around the metro tunnel system due to
tunneling are also investigated to study detailed tunnel system
behavior. For the metro tunnel, the soil stress analysis has been

undergone four steps of change. These steps correspond to the
construction of the metro tunnel. The loading steps are simulated
using the 2-D FEA. First, the initial principal stresses are computed
with the absence of the metro tunnel. Second, the excavation of the
tunnel is modeled by means of the finite element method. The
metro tunnel excavation is simulated by the removal of those
elements inside the boundary of the tunnel surface to be exposed by
the excavation. Third, the movements and stress changes induced in
the soil media are calculated. Fourth, the calculated changes in
stresses are then added to the initial stresses computed from the first
step to determine the combined stresses resulting from the metro
tunnel construction. The calculated vertical effective stress around
the metro tunnel is also illustrated in Fig. 5.
Based on the good agreement between the computed and measured
values, one can proceed to use the 2-D numerical model to explore
other aspects of the tunnel system performance under the tunnel
construction. In fact, the proposed model can help to predict the
surface displacement at the different sandy soils.
6

SURFACE DISPLACEMENT DUE TO TUNEELING

The surface displacement profile above a tunnel with diameter 9.48
meters are calculated and plotted in Fig. 6 to Fig. 9 using the SDE.
The FEA is also conducted to determine the surface displacements
due to tunneling in different sandy soils (loose sand, medium sand,
dense sand, and very dense sand) based on different ground losses
(VL). The average values of the different sandy soil parameters
adopted in the finite element analysis are summarized in Table 3
(Duncan et al., 1980). The volume loss is considered in this study.
The volume loss is the ratio of the difference between the excavated
soil volume and the tunnel volume over the excavate soil volume.
The volume loss of 3 % is adopted in this study (El-Nahhass, 1999).
Based on the FEA, the surface displacements along the centerline of
the metro tunnel for different sandy soil types are presented in Fig.
6 to Fig. 9. However, the results obtained by the SDE are examined
with those obtained by the FEA.
In the case of loose sand, the surface displacement profiles obtained
by both the FEA and the SDE are shown in Fig. 6. The comparison
shows that the surface displacements obtained by the finite element
analysis are higher than those calculated by the surface
displacement equation. However beyond 20 m from the centerline
of the tunnel, the surface displacement calculated by the FEA does
not agree with this calculated by the SDE. The result reveals that
the surface settlement profile obtained by the SDE does not agree
well with those obtained the FEA.
In the case of medium sand, the surface displacement profiles
obtained by both the FEA and the SDE are shown in Fig. 7. The
comparison shows that the surface displacements obtained by the
FEA are higher than those calculated by the SDE. However beyond
20 m from the centerline of the tunnel, the surface displacement
calculated by the FEA has different shape than this calculated by
the SDE. The result reveals that the surface settlement profile
obtained by the SDE does not agree well with those obtained the
FEA.
Fig. 8 shows the comparison between the results obtained by the
FEA with those obtained by the SDE for dense sand. The
comparison indicates that the surface displacement profile
computed by the FEA has the same trend as the surface
displacement profile calculated by the SDE. It is also observed that
the surface displacements calculated by the FEA are larger than
those calculated by the SDE in the region beyond 20 m from the
centerline of the tunnel. In the region between the centerline of the
tunnel and 20 m from centerline of the tunnel, the surface
displacements calculated by the FEA is the same as those calculated
by the SDE. Generally, the results obtained by the FEA agree well
with those obtained by the SDE.
Fig. 9 also shows the comparison between the results obtained by
the FEA with those obtained by the SDE for dense sand. The
comparison again shows that the surface displacement profile
computed by the FEA has the same trend as the surface
displacement profile calculated by the SDE. It is also observed that
the surface displacements calculated by the FEA are larger than
those calculated by surface displacement equation in the region
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beyond 20 m from the centerline of the tunnel. In the region
between the centerline of the tunnel and 20 m from centerline of the
tunnel, the surface displacements calculated by the FEA is the same
as those calculated by the SDE. The results obtained by the FEA
agree well with those obtained by the SDE.
Therefore, the finite element analysis gives a better estimation of
surface settlement as demonstrated with the comparison between
the calculated and the measured settlements in medium dense soils
involved in the case study. For the loose and medium sandy soils,
ignoring the appropriate soil characteristics in the surface
displacement equation (Eq. 2) probably leads to larger error and
further deviation from the actual values. The surface displacement
readings obtained by the FEA is more conservative than those
calculated by the SDE.
The difference between the two sets of computed settlements is
noticed in loose sand and in medium sand. The difference between
the two sets of computed settlements lies in the use of the width
parameter (i) as presented in Eq. (3). This (i) parameter is used for
cohesionless soils but it does not take into account the different
geotechnical parameters associated with different densities of
cohesionless soil. The proposed finite elements model takes into
account the effects of the stress and strength parameters of the
different sand soil densities. Therefore, the differences between
surface displacement profiles obtained by the FEA with those
obtained by the SDE may be due to the value of the shear strength
and stress parameters for the soil media around tunnel system
adopted in the 2-D nonlinear FEA.
7

CONCLUSIONS

Based on the proposed 2-D finite element model, the following
conclusions are presented due to tunneling through different sand
soil types.
- The 2-D nonlinear numerical model is applicable to analyze and
predict detailed performance of tunnel systems.
- The results calculated by the proposed 2-D nonlinear finite
element model have a good agreement with the field data.
- The predicated surface settlements due to tunneling underestimate
by up to 10 % from the field measurements. The discrepancy
between the calculated and the field readings may be due to the
stress-strain soil parameters and the strength soil parameters.
- Surface settlement profile computed by the surface displacement
equation (SDE) by Peck and Schmidt (1969) is in reasonable
agreement with surface settlement profile computed by the 2-D
finite element analysis in dense to very dense sand soil.
- Surface settlement profile calculated by the SDE does not agree
well with surface settlement profile calculated the 2-D FEA in loose
and medium sand soil.
- The surface displacement equation proposed by Peck and Schmidt
(1969) does not consider the impact of different sandy densities soil
types. However, the finite element analysis takes into account
strength and stress parameters of different sand densities.
- The surface settlement profiles calculated by the finite element
analysis are more conservative than those computed by the surface
displacement equation at different sand densities.
8
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Table 1: Geotechnical properties in Central Cairo City
Layer

Fill

Bulkdensity γb(t/m3)
Drained
Poisson’s
Ratio Vs
Effective Angle of
initial Friction(ϕ)º
Effective Cohesion C
(KPa )
Standard penetration
(blows/0.3m)
Modulus Number(m)
Exponent Number(n)
Drained Modulus of
Elasticity Es(t/m2)
Over Consolidation
Ratio (OCR)
Coefficient of Lateral
Earth Pressure K0

1.8

Silty-clay
1.9

Silty sand
1.85

2.0

Sand

0.4

0.35

0.35

0.30

20

26

30

37

0

10

0

-

4-20

13-15

-

35

300
0.74

325
0.6

400
0.6

400-700
0.5-0.6

1000

1200

3000

7000

1

1.5

-

-

1

0.8

0.5

0.39

Table 2: Characteristics of the tunnel lining
Type
Tunnel liner

Eb
(t/m2)
2.1×106

(t)
cm
40

Fc
(t/m2)
4000

W
(KN/m2)
10.0

V
0.20
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Table 3: Geotechnical soil parameters (Different sand soil densities
Soil Parameters
Drained Poisson’s Ratio
Vs
Effective Angle of initial
Friction(ϕ)�(drained)
Modulus Number(m)
Exponent Number(n)
Soil density (γb) t/m3
Coefficient of Lateral
Earth Pressure K0

Fill

Siltyclay

Loose
sand

Medium
Sand

Dense
sand

Very
Dense
Sand

0.4

0.35

0.35

0.30

0.30

0.25

25

26

27

32

38

43

300
0.74
1.8

350
0.6
1.9

300
0.6
1.8

500
0.51
1.85

800
0.5
1.9

1000
0.4
2.0

0.58

0.57

0.56

0.47

0.38

0.32

Fig. 5: Calculated vertical effective stress around the Greater
Cairo metro tunnel after tunnel construction

Fig. 6: Surface settlement profile obtained by both finite element
analysis and surface displacement equation in loose sand (ground
loss of 3%, D=12.5 m, Z/D=2.5)

Fig. 1: Cross section along the Greater Cairo Metro tunnel Line 2

Fig. 7: Surface settlement profile obtained by finite element
analysis and surface displacement equation in medium sand (ground
loss of 3%, D=12.5 m, Z/D=2.5)
Fig. 2: 2-D finite element model of the Greater Cairo Metro

Fig. 3: Gaussian curve for transverse settlement trough and ground
loss (After Peck and Schmidt, 1969)

Fig.4: Comparison between measured and calculated surface
settlements due to metro tunnel construction (case history)
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Fig. 8: Surface settlement profile obtained by both finite element
analysis and surface displacement equation in dense sand (ground
loss of 3%, D=12.5 m, Z/D=2.5)

Fig. 9: Surface settlement profile obtained by both finite element
analysis and surface displacement equation in very dense sand
(ground loss of 3%, D=12.5 m, Z/D=2.5)
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caused by the dredging of channels. Total displacements induced during tunneling under superficial channels were high but less than
1% of the tunnel diameter. After dredging, such channels’ additional deformations were induced in the lining because of a reactivation
of pre-existent cracks in the clay deposit. Numerical modeling was carried out to study the optimal solution. Based on numerical
results, two solutions were applied: lining reinforcement and soil improvement.
RÉSUMÉ : Canaux superficiels sur les dépôts d'argile très douces en cours de processus de consolidation peut générer des zones de
tension qui peut potentiellement induire des semi-verticale fissuration. Lors de la construction des ouvrages souterrains, tels que les
tunnels, ces fissures peuvent être réactivés, surtout si le processus de construction entraîne des changements importants dans l'état
initial des contraintes du sol, puis génère une déformation importante du revêtement du tunnel de la perte de confinement autour du
tunnel, surtout si les chevilles des anneaux sont utilisés comme doublure. Cet article présente une étude de cas sur le comportement et
la modélisation numérique du revêtement du tunnel principal pendant et après un tunnel avec une machine EPB dans les dépôts de
Mexico argile molle soumis à une décompression contraintes provoquées par le dragage des chenaux. Déplacements totaux induits
lors des tunnels sous canaux superficiels étaient élevés, mais moins de 1% du diamètre du tunnel. Après dragage ont été produites
déplacement supplémentaire relance revêtement se craquelle. Les modèles numériques ont été utilisés pour étudier ces facteurs et
déterminer la solution optimale. Avec ces résultats, nous proposons deux solutions: augmenter le revêtement et l'amélioration des sols.
KEYWORDS: tunneling in soft soils, soil fracture, decompression stresses, Mexico city tunnels.
1

INTRODUCTION

The Túnel Emisor Oriente (TEO, Spanish acronym for Eastern
Emitter Tunnel) will be the new drainage system for Mexico
City. It is located to the north of the city and it is a circular
tunnel 62 km long, of 7 m inner diameter, set at variable depths
between 30 and 155 m. It crosses all types of soils along 97% of
its length, from very soft to hard, with the rest of the length
crossing volcanic rock. For its construction, Earth Pressure
Balance (EPB) tunnel boring machines are used, with a primary
lining formed by dowels rings with sections 0.35 and 0.40m
thick (COMISSA 2010). Almost the entire tunnel is under the
groundwater level, with pore pressures of up to 0.8MPa.
The project’s first trajectory, approximately 8 km long, is
located at a zone of very compressible clays with low shear
resistance, with water content in the order of 300%, running
parallel to a surface channel. A particular aspect of this section
is that on land near the channel surface cracks have been
observed, and in the zone where the tunnel crosses under the
channel (1+032 to 1+300) it has been observed that before the
crossing (0+920 to 1+032) important primary lining
deformations have occurred, with a tendency to their
stabilization. This anomalous behavior of the tunnel has been
caused by a diversity of factors, among which stand out the
channel’s dredging and the presence of intense fracturing at the
zone of that channel.
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The objective of this work is to evaluate the effects on the
tunnels of the unloading induced by dredging surface channels
located on cracked clayey deposits, and as a particular case the
TEO project is presented.
2

GEOTECHNICAL CONDITIONS

Stratigraphy. Subsoil conditions at the zone where the atypical
deformations occurred on the tunnel’s primary lining are (Fig
1):
i. Superficial Crust (0 to 3m). It is a stratum formed by
interspersions of sandy silts and hard silty sands, and on
occasions fills up to 2m thick.
ii. Superior Clayey Series (3 to 26m). These are clays and silts
of high plasticity with thin lenses of volcanic ash and sandy
silts.
iii. Hard Layer (26 to 28 m). These are interspersions of sandy
silts and silty sands (tunnel is located at the inferior part of
the Superior Clayey Series resting on the Hard Layer).
iv. Inferior Clayey Series (28 and 42 m). It is a very
compressible clayey deposit.
Conditions of subterranean water. At this zone the groundwater
level is located at 3m depth, and the pore pressure measured at
the tunnel’s axis is in the order of uaxis=145kN/m2, which is
65kN/m2 less than the hydrostatic pressure.
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the refurbishment and restoration activities in the Big Hall (Figure 3) and in the lobbies were practically completed.

Figure 3. Conservatory Big Hall after refurbishment

This largely complicated the underground work below the
building, because even negligible footing settlements during
geotechnical operations could generate cracks in the structures
and to destroy decorations and restorations, since long-term
monitoring of the Conservatory building structural health
prompted that 10 mm footings settlements would generate
cracks in the superstructure parts.
In view of the foregoing, the design solutions for the underground portion of the Moscow P.I. Tchaikovsky Conservatory
were developed that accounted for the following requirements of
the technical assignment:
- underground development operations below the Conservatory building, including the Big Hall premises, were to be
performed to 4,5 m depth below the basement floor, i.e. 3,5 m
below the footings;
- 6 months deadline for the underground space development
was assigned;
- extra settlements of the Conservatory building footings
should not exceed 10 mm.
The geological section
includes contemporary, upper
and mid-Quaternary deposits
as well as Upper Jurassic and
Upper Carbon deposits (Figure 4).
Contemporary deposits –
antropogenic soils (1), represented by a mixture of sandsandy loam-clay loam soils,
compacted
and
notcompacted, with low moisture
content
and
moistened
0,8…4,6 m thick. They are
underlain by Upper Quaternary alluvial deposits (2),
represented by sands of various grain-size composition
and loose (in the lower part
of the section), with low and
high moisture content and
water-saturated 6,0…14,3 m
thick.
Figure 4. Geological section

Below Mid-Quaternary deposits, there were discovered fluvioglacial deposits (3) 4,8 m maximal thick, represented by
sands and sandy loams. The sands are fine-grained of medium
density, water-saturated, sandy clay loams are high to low plastic. Below there occur Upper Jurassic of Oxford tiers (4), represented by silty low-plastic clays. The bed maximum thickness is
7,6-7,8 m.
Deeper below Upper Carbonic deposits were found, represented by up to 3,4 m thick bed of Izmailovskyi limestone (5),
crushed to powder or gravel; Mescherinskaya 3.3-6.0 m thick
bed (6), represented by dusty low-plastic, medium hard and hard
clays; Perkhurovskaya low-strength limestone bed, moistened
and water-saturated.
In terms of hydrogeology the terrain is characterized by occurrence of three aquifers: phreatic, Super Jurassic at 5,0-15,7
m below the surface; Izmailovsky at 14,5-21,36 m depth; Perkhurovsky at 24,35-25,5 m depth. The terrain is naturally waterlogged.
The surveyed terrain features no karst or washout risk. No
other unfavorable processes and events were found on the terrain.
Investigation of soil stress and strain behavior was numerically simulated, using FEM and non-linear soil models in
PLAXIS 2D for a characteristic section along ducts 1,0…4,5 m
deep. 3D analysis of structures was made with the help of MicroFe 2008 software (Figure 5). The analysis covered all work
stages from soil stabilization to soil excavation down to design
depths. Based on technological and architectural requirements as
well as on structures’ strength, stability and crack resistance in
interaction of subsoil with the Conservatory building there were
established the ultimate values of joint deformations equal to 10
mm. Prior to the project design development various options
were analyzed that would enable arrangement of service ducts
without auxiliary retaining structures.
Internal courtyard
4.5 m deep ducts

1.8 m deep ducts

Figure 5. Conservatory underground model with 1.8 and 4.5 m deep
service ducts

The analyses demonstrated that in such geological conditions 1,8 m deep ducts would hold with no support if they are
strengthened with piles. But in order to exclude extra settlements of existing footings due to subsoil softening and walls
caving, which could not be simulated in the analysis, there was
designed and implemented multiple (up to 5 times) cement mortar compensation grouting behind the concrete walls in accordance with the method, developed by NIIOSP (Shulyatjev O.A.
et al, 2008). The analysis showed that 4,0…4,5 m deep unsupported excavation of duct trenches would cause to extra settle-
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ments of existing footings, exceeding the 10 mm admissible
value.
It was decided not to take into account existing piles made in
2005. This decision was based on two facts.
Firstly, the static load tests on existing piles showed great
scatter in results. In fact, bearing capacity was two times lower
then its design. Secondly, the connection of reinforced concrete
capping beam to existing foundation made of crushed stone was
questionable. Assesment of existing foundation and its structural
integrity confirmed that the major part of the building load still
transfered through existing strip foundation despite the presence
of underpining piles.
With regard to aforementioned facts, a decision was made to
cancel piling from the analyses to ensure a safety margin.
There were considered various trench retaining options: root
piles, pressed-in piles, subsoil stabilization that could be technically possible in congested basement premises. However, none
of the existing methods could resolve the above issues and ensure an adequate safety margin. Fast fabricated root piles usually
have technological settlements unacceptable for the building in
question. Pressed-in piles, having no such disadvantage, were
used for the Bolshoi Theater refurbishment project, but they
proved to be very labor intensive, and their installation
required much more time than the time, remaining before
the P.I. Tchaikovsky Competition. Subsoil stabilization is not a
sufficiently safe solution, as in such soils it was difficult to ensure adequate quality of respective construction operations.
In view of all above mentioned circumstances a decision
was made to support 4.0...4.5 m ducts with root piles, reinforced
with steel pipes.
Realization of the project required a technique and a sequence of the underground operations, which would minimize
the construction the
impact of construction works on the
building
structure
(Petruknin V.P. et al.
2011). At the initial
stage the soil was
grouted with Microdur suspension, then
the supporting root
piles were erected
(Figure 6), followed
by stagewise soil
excavation to design
depths and raft concreting, only then the
duct walls and the
floor were erected.
Figure 6. Soil stabilization layout and retaining piling

The reafter, in order to change the subsoil stress and strain
behavior multiple compensation grouting was done behind the
trench lining (Figure
7). Geodetic monitoring of the footing
settlements showed
that the resulting
upheaval of markers
was up to 2…3 mm.
Figure 7. Duct concreting layout with the compensation grouting
scheme

As is known the root piles’ advantage is their low cost and
fast erection, the only drawback is the respective technological
settlements of footings, which can be as much as several centimeters (Shulyatjev O.A. et al, 2008; Petrukhin V.P. et al, 2008).
In order to exclude technological settlements due to root piling
there were performed tests, and a drilling set-up was developed,
protected by a RF patent (Petrukhin V.P., Popsuenko I.K., Shulyatjev O.A., 2011), that compensated soil stress-strain behavior
variation due to drilling by stagewise vertical pressurizing together with filling the bore hole with cement-sand grout, whose
composition excluded sedimentation. The operations were performed gradually by 2 m work segments.
According to the above mentioned patent the hole drilling
was accompanied by compaction and hole walls troweling to
prevent water-saturated liquefied soil falling in the borehole.
Figure 8 shows a photograph of a duct segment under the Big
Hall, dug out manually to the design depth.
At the forefront root piles,
made in 2005, are
visible, they are
joined together by
a concrete raft, they
are a sort of struts.
Soil
excavation
from ducts is a
rather
laborintensive process,
therefore, as dimensions of the
premises
were
small, the soil was
dug out manually.

Figure 8. 4.5 m deep service duct

In order to reduce footings settlements during ducts mining
operations the soil under bearing walls was grouted with “Microdur” suspension.
Therefore, the subsequent soil excavation showed that soil
stabilization had been done adequately, however, practically no
traces of grouting were discovered at some points in spite of the
customer permanent strict control and designer supervision.
Thus, it indirectly proved that the safer selected option i.e., retaining piles, was correct.
Soil mining under bearing walls of the building was a complicated issue. As is mentioned above, it is wrong during soil
mining to rely on earlier arranged root piling. Therefore, a steel
frame set-up was elaborated for 4,5 m deep ducts, which supported a part of the wall, under which the soil was dug out.
Mining 1,8 deep ducts was even more difficult. Notably,
shallow ducts mining was performed not only in soil, it was
often done along the body of rabble stone footing (the footing
width was up to 1,5 m), therefore, soil excavation looked as
non-mechanized mining (all operations were manual).
Underground development project involved various geotechnical operations that required on-line integrated geotechnical
monitoring, performed by a specialized company in the most
optimal way. Moreover, the designer company (Gersevanov
NIIOSP) carried out their own supervision of the vertical and
lateral displacements of the footings and of the Conservatory
building structure. The congested conditions of the refurbishment operations, numerous labor force, multiple material storage sites, etc. restricted installation of an up-to-date on-line set-
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tlements monitoring system. Nevertheless, geodetic monitoring
of root piling operations, soil excavation and grouting operations
was done daily, for 4,5 deep ducts it was done twice a day. Figure 9 shows geodetic markers layout, whose number exceeds 90
pieces to ensure registration of all relevant displacements of the
structures.
Fragment 2

The diagram shows that during soil excavation from the
trench there were settlements up to 6-7 mm while during grouting there was observed an increase of those values to 3 mm,
followed by settlement stabilization. The check measurements in
2012 showed total absence of extra settlements of the Conservatory building footings.
The uniqueness of this effort consisted in that the large-scale
historic building underground development operations (very
sensitive to deformations) were carried out with practically no
extra settlements, and during these operations no cracks, even
hair-wide, were observed in the already refurbished part of the
Conservatory. These operations took just 4 months that let the
XVIIIth Jubilee P.I.Tchaikovsky Competition to be held in due
time.
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Performance of the tunnel lining subjected to decompression effects on very soft
clay deposits
Performance du revêtement du tunnel soumis à des effets de décompression sur les dépôts
d'argile très mous
Rangel-Núñez J.L

Universidad Autónoma Metropolitana, Azcapotzalco

Aguilar-Tellez M.A.

Ingenieros Civiles Asociados, Construcción especializada

Ibarra-Razo E., Paniagua W.
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ABSTRACT: Superficial channels on very soft clay deposits undergoing consolidation processes can generate tension zones that
potentially can induce semi-vertical cracking. During construction of any underground works, such as tunnels, these cracks can be
reactivated, especially if the construction process causes significant changes in the initial stress state of the ground, and then generates
important deformation of the tunnel lining from confining loss around the tunnel, especially if dowels rings are used as lining. On the
other hand, it is also possible to generate significant lining deformations if there are changes in the state of stress in the ground’s
surface due to the dredging of channels. This paper presents a case history about the behavior and numerical modeling of the primary
tunnel lining during and after tunneling with an EPB machine in Mexico City soft clay deposits subjected to decompression stresses
caused by the dredging of channels. Total displacements induced during tunneling under superficial channels were high but less than
1% of the tunnel diameter. After dredging, such channels’ additional deformations were induced in the lining because of a reactivation
of pre-existent cracks in the clay deposit. Numerical modeling was carried out to study the optimal solution. Based on numerical
results, two solutions were applied: lining reinforcement and soil improvement.
RÉSUMÉ : Canaux superficiels sur les dépôts d'argile très douces en cours de processus de consolidation peut générer des zones de
tension qui peut potentiellement induire des semi-verticale fissuration. Lors de la construction des ouvrages souterrains, tels que les
tunnels, ces fissures peuvent être réactivés, surtout si le processus de construction entraîne des changements importants dans l'état
initial des contraintes du sol, puis génère une déformation importante du revêtement du tunnel de la perte de confinement autour du
tunnel, surtout si les chevilles des anneaux sont utilisés comme doublure. Cet article présente une étude de cas sur le comportement et
la modélisation numérique du revêtement du tunnel principal pendant et après un tunnel avec une machine EPB dans les dépôts de
Mexico argile molle soumis à une décompression contraintes provoquées par le dragage des chenaux. Déplacements totaux induits
lors des tunnels sous canaux superficiels étaient élevés, mais moins de 1% du diamètre du tunnel. Après dragage ont été produites
déplacement supplémentaire relance revêtement se craquelle. Les modèles numériques ont été utilisés pour étudier ces facteurs et
déterminer la solution optimale. Avec ces résultats, nous proposons deux solutions: augmenter le revêtement et l'amélioration des sols.
KEYWORDS: tunneling in soft soils, soil fracture, decompression stresses, Mexico city tunnels.
1

INTRODUCTION

The Túnel Emisor Oriente (TEO, Spanish acronym for Eastern
Emitter Tunnel) will be the new drainage system for Mexico
City. It is located to the north of the city and it is a circular
tunnel 62 km long, of 7 m inner diameter, set at variable depths
between 30 and 155 m. It crosses all types of soils along 97% of
its length, from very soft to hard, with the rest of the length
crossing volcanic rock. For its construction, Earth Pressure
Balance (EPB) tunnel boring machines are used, with a primary
lining formed by dowels rings with sections 0.35 and 0.40m
thick (COMISSA 2010). Almost the entire tunnel is under the
groundwater level, with pore pressures of up to 0.8MPa.
The project’s first trajectory, approximately 8 km long, is
located at a zone of very compressible clays with low shear
resistance, with water content in the order of 300%, running
parallel to a surface channel. A particular aspect of this section
is that on land near the channel surface cracks have been
observed, and in the zone where the tunnel crosses under the
channel (1+032 to 1+300) it has been observed that before the
crossing (0+920 to 1+032) important primary lining
deformations have occurred, with a tendency to their
stabilization. This anomalous behavior of the tunnel has been
caused by a diversity of factors, among which stand out the
channel’s dredging and the presence of intense fracturing at the
zone of that channel.

The objective of this work is to evaluate the effects on the
tunnels of the unloading induced by dredging surface channels
located on cracked clayey deposits, and as a particular case the
TEO project is presented.
2

GEOTECHNICAL CONDITIONS

Stratigraphy. Subsoil conditions at the zone where the atypical
deformations occurred on the tunnel’s primary lining are (Fig
1):
i. Superficial Crust (0 to 3m). It is a stratum formed by
interspersions of sandy silts and hard silty sands, and on
occasions fills up to 2m thick.
ii. Superior Clayey Series (3 to 26m). These are clays and silts
of high plasticity with thin lenses of volcanic ash and sandy
silts.
iii. Hard Layer (26 to 28 m). These are interspersions of sandy
silts and silty sands (tunnel is located at the inferior part of
the Superior Clayey Series resting on the Hard Layer).
iv. Inferior Clayey Series (28 and 42 m). It is a very
compressible clayey deposit.
Conditions of subterranean water. At this zone the groundwater
level is located at 3m depth, and the pore pressure measured at
the tunnel’s axis is in the order of uaxis=145kN/m2, which is
65kN/m2 less than the hydrostatic pressure.
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the secondary lining, and once the primary lining’s stabilization
was reached, with deformation speeds below 1 mm/day, and
after the reinjection at the point of contact of lining and soil
along the section built, a sudden increase in convergences was
observed at the tunnel section 0+920 to 1+032 (rings 610 to
730), which is attributable to various extraordinary events that
occurred at the tunnel’s environment, which induced a change
in the original geotechnical conditions. This event coincided
with channel dredging activities, as observed on the
convergence graphs of the rings located at that zone (Fig 3).

Distance (m)

Figure 1. Stratigraphic section of the zone where atypical deformations
were observed (1+000).
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Figure 2. Soundings of piezocones carried out at the channel’s zone of
influence and away from it.

3

INSTRUMENTATION AND BEHAVIOR

The tunnel’s instrumentation consisted of placing piezometers,
bar extensometers, doing convergence measurements at the ring
sections, and pressure cells at the point of contact between soil
and primary lining (COMISSA 2011).
In general, the tunnel’s behavior during construction
coincides with those determined at the design stage, meaning
that the displacements of the primary lining were in the order of
40mm, with top measurements of 60mm (80mm is the value of
1% of the tunnel’s diameter). Nonetheless, prior construction of
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1% of the diametral deformation

Deformation mm

Cracking. Because the channel was built excavating the land, it
is considered a zone of unloading. During construction of the
tunnel’s shafts near the channel, the presence of subsoil
cracking has been observed. In order to verify the existence of
that unloading zone, and the presence of developed cracking
given the low value of the shear resistance factor for Valley of
Mexico clay (KIC≈1.9t/m3/2), the ko stress ratio at rest was
determined at the site, and an exploration campaign was carried
out with piezocones in zones near to and far from the channel.
The stress ratio at rest for the superior clayey series was k0=0.19
for the zone near the channel, whereas at the zone away from
the channel the value was k0=0.6. It is to be pointed out that the
low k0 value measured for the superior clayey series at the
channel zone is evidence of the state of decompression due to
the channel’s influence, and vertical cracking presented by the
superior clayey formation. One way of observing cracking on
clayey soils is to measure point resistance and friction of the
electric cone, because when a discontinuity crosses, the values
of such resistance decrease. When comparing electric cone
point resistances in soundings carried out near to and far from
the channel, resistances are observed to descend at certain
depths in the case of the cone near the channel, a condition not
present in the far-away cone (Fig 2).
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V=2.2mm/day
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15

20 Time (weeks)

Figure 3. Example of deformational behavior at zone with important
displacements (ring 671).

4

NUMERICAL MODELING

In order to assess the unloading effect at surface and the
fracturing present at the superior clayey series, a bi-dimensional
analysis was carried out with the Finite Element Method. In this
analysis, the soil’s fracturing is represented by a decrease of the
clay’s mechanical properties.
Analysis procedure. Taking the soil parameters registered on
site as reference, the topographical section of the tunnel showed
in Fig 1 was considered for the analysis and study of the
tunnel’s behavior, reproducing the initial geotechnical
conditions, modified by the soil’s fracturing, and the effect of
the channel dredging activities. 2D numerical analysis was done
in stages, the following being the main ones:
i. Evaluation of geostatic stress conditions
ii. Construction of the channel and placement of the borders
iii. Excavation and placement of the tunnel’s primary lining
iv. Change of subsoil properties, induced by fracturing
v. Land consolidation by the decrease of pore pressure at a 6
month interval
vi. Channel dredging inducing variable unloading between 85
and 97kN/m2
vii. Decrease of groundwater level of 1 m.
Numerical model. The finite elements mesh shown in Fig 4 was
used, with the mechanical properties indicated in it. An
important hypothesis considered in the analysis is to admit that
both the tunnel’s construction and the channel dredging process
are produced under undrained conditions of the soil. In effect,
taking into account the time during which the deformation
develops, it is adequate to consider that this subsoil behavior is
under undrained conditions. The only stage in which the
undrained behavior is not considered is the one produced by the
consolidations over 6 months.
5

RESULTS

A numerical analyses were carried out in order to determine the
state of stresses and deformations at each stage of analysis both
in the subsoil and in the lining, with or without considering
subsoil cracking.
Table 1 shows the results obtained at each stage of analysis.
The displacement obtained when the soil presents no fracturing

Design of tunnel lining in consolidating soft soils
Conception du revêtement des tunnels dans des sols mous en processus de consolidation
Rodríguez-Rebolledo J.F., Auvinet G., Vázquez F.

Instituto de Ingeniería, Universidad Nacional Autónoma de México

ABSTRACT: In this paper, a detailed description of the methodology employed for analysis and design of the final lining of a tunnel
that will be part of Mexico City drainage system is presented. The tunnel crosses soft clayey soils of the lake zone of Mexico Valley.
These clays are submitted to an on-going subsidence process associated to intense pumping of water from the aquifer in the urban
area. The obtained results allow a better understanding of the soil-tunnel interaction as the medium is submitted to the effects of a
double process of consolidation: firstly due to changes in effective stresses generated by the tunnel excavation and, secondly, due to
the long term piezometric drawdown in the soil. It is shown that Finite Element Method (MEF) is a powerful tool for the analysis and
design of tunnels in these difficult conditions. FEM allows considering different constitutive models, and representing soil
consolidation due to tunnel excavation, piezometric drawdown and interaction between the tunnel lining and the surrounding soil.
RÉSUMÉ : Cette communication décrit la méthode suivie pour la conception du revêtement définitif d’un tunnel qui fera partie du
système d’assainissement de la ville de Mexico. Le tunnel traverse les argiles molles de la zone lacustre de la vallée de Mexico. Ces
sols sont soumis à un processus de consolidation dû au pompage d’eau intensif de l’aquifère de la zone urbaine. Les résultats obtenus
permettent de mieux comprendre l’interaction entre sol et tunnel sous l’effet d’un double processus de consolidation associé aux
changements de contraintes effectives causés par le creusement du tunnel puis aux abattements piézométriques dus au pompage dans
le sol à long terme. On montre que la méthode des éléments finis (MEF) est un outil puissant pour la conception des tunnels dans ces
conditions difficiles. La MEF permet d’utiliser divers modèles de comportement du sol et de considérer la consolidation due au
creusement, les abattements de pression ainsi que l’interaction entre le tunnel et le sol environnant.

KEYWORDS: tunnel lining, soft soils, piezometric drawdown, Finite Element Method.
1

2

INTRODUCTION

In the lake zone of Mexico City valley, tunnels liners are
subjected to a double consolidation process. A first process is
due to an effective stress change generated by the excavation
itself and primary liner installation (Kirsch 1898, Morgan 1961,
Wood 1975, Curtis 1976, Alberro 1983, Bobet 2001, Auvinet
and Rodríguez-Rebolledo 2010, Zaldívar et al. 2012), whereas a
second process is due to the piezometric drawdown originated
by dewatering of the deep aquifer (Alberro and Hernández
1989, Farjeat and Delgado 1988, Equihua 2000, Flores 2010). It
is known that the first process only affects the primary liner and
that the excess of pore pressure dissipates sometime after tunnel
excavation (Gutiérrez and Schmitter, 2010). The second process
acts in a permanent fashion (long term) on both liners over the
serviceability period of the tunnel.
Hence, in order to design the secondary liner, long term
mechanical properties of the liners and of the soils have to be
considered.
This paper presents a description of the methodology
employed for geotechnical design of the permanent liner of a 62
km long tunnel that will be part of the drainage system of
Mexico City (“Túnel Emisor Oriente” TEO), in a 2.8 km stretch
that crosses clayey soils of the lake zone of Mexico City valley.
The inner diameter of the tunnel is 7m. The primary liner is a
35cm thick ring of prefabricated segments and the secondary
liner is a 35cm thick cast-in-place concrete continuous ring.

2.1

THE GEOTECHNICAL MODEL
Soil profile

The stratigraphic sequence in the area of interest mainly
consists of the following layers:
Layer CS. Superficial crust, 0 to 3m thick, average specific
weight of 14kN/m3 and mean water content of 33%.
Layer B. Highly plastic soft clays and silts with microfossils,
22 to 24m thick, average specific weight of 11.3kN/m3 and
mean water content of 293% (e0 =6.6)
Layer C. Silts interbedded with sandy silts, 1.5 to 2.5m
thick, average specific weight of 15kN/m3 and mean water
content of 56%.
Layer D. Highly plastic soft clays and silts, 9.5 to 13.5m
thick, average specific weight of 12kN/m3 and mean water
content of 165% (e0 =3.9).
Layer E. Stiff silts interbedded with sandy silts (hard layer),
5 to 7.5m thick, average specific weight of 16kN/m3 and mean
water content of 40%.
Layer F. Highly plastic soft clays and silts interbedded with
volcanic ashes, average specific weight of 13.2kN/m3 and mean
water content of 115% (e0 =2.9).
2.2

Piezometric conditions

The initial pore pressure distribution was obtained from
piezometric stations installed in the area. A typical pore
pressure profile is presented on Figure 1. A significant
drawdown with respect to the hydrostatic condition is observed
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from a depth of 7m down, reaching up to 400 kPa at a depth of
56m. The phreatic level depth (NAF) varies from 3 to 5m.
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Figure 2. Finite element mesh
Table 1. Soil properties for the numerical modelling
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Figure 1. Pore pressure profile

An indirect and approximate way to forecast future pore
pressure profile consists of employing a numerical model to
evaluate the magnitude of the piezometric drawdown required
to induce the regional subsidence that is expected to take place
at the end of the design period (50 years) in the area. Such
regional subsidence can be estimated from surveys performed
on surface references and referred to a deep benchmark. The
estimated regional subsidence after 50 years varies from 3.8 to
5.8 m.
NUMERICAL MODELLING
Software

A numerical model was developed using the Plaxis 2D software
(www.plaxis.nl). Since a long term assessment is required, the
analysis was conducted in terms of effective stresses, taking into
account drained parameters and non-drained initial conditions
(Plaxis bv 2008, Schweiger 2005, Rodríguez-Rebolledo 2011).
3.2
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General characteristics of the model

Figure 2 shows the finite element mesh and Table 1 presents the
soil properties of the different layers used in the numerical
model. Mohr-Coulomb and Soft-Soil type models were
employed for hard and soft soils, respectively.
The modelling is performed in several stages related to the
constructive procedure of the tunnel:
Stage 1. Tunnel excavation and installation of primary
liner. The construction condition right after installation of the
primary liner is modelled. In order to take into account the
effect of the joints between segments, a reduction factor of
stiffness of the ring parameter (), estimated by means of an
interactive procedure, is introduced. The procedure consists of
varying the magnitude of such parameter so that convergence is
obtained between the geotechnical and the structural models. A
value of  = 0.2 was obtained.
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*

*
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’
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Ko=Konc
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B1
B2
C
D
E
F
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SS
MC
SS
MC
SS

--0.043
0.035
--0.026
--0.023

--0.260
0.250
--0.227
--0.201

--1.0
1.0
--1.0
--1.0

0.30
----0.33
--0.33
---

--0.15
0.15
--0.15
--0.15

1.00
0.43
0.43
0.50
0.43
0.50
0.43

* = slope of the swelling line
* = slope of the normal compression line
OCR = over consolidation ratio
’ = Poisson’s ratio
ur = unload-reload Poisson’s ratio
K0 = coefficient of earth pressure at rest

kx=ky
m/day
1x10-2
1x10-5
1x10-5
1x10-1
1x10-5
1x10-1
1x10-4

K0nc = lateral earth pressure at rest for
normally consolidated states
kx = ky = permeability coefficients for x
and y directions
MC = Mohr-Coulomb model
SS = Soft-Soil model

Stage 2. Consolidation of the medium due to the excess of
pore pressure generated by the excavation of the tunnel and
installation of the primary liner. At this stage it is assumed that
the excess of pore pressure generated by the excavation and
installation of the primary liner is dissipated before the
secondary liner is built (Gutiérrez and Schmitter, 2010) and
therefore that it will only affect the primary liner.
Stage 3. Construction of the secondary liner. The
construction of the definitive liner is modelled at this stage.
Interface elements between primary and secondary liners are
used to simulate the discontinuity between both liners.
Stage 4. Consolidation of the medium due to excess of pore
pressure generated by construction of the secondary liner and
piezometric drawdown. The behaviour of the tunnel is predicted
for the next 50 years. In order to do so, a reduction of the elastic
modulus of the concrete due to plastic flow has to be applied
(FR, Table 2). The regional subsidence obtained from the
numerical model for a total drawdown of the current
piezometric conditions was equal to 6.2m. This value is close to
the maximum value estimated from field measurements for a
period of time equal to 50 years (3.8-5.8m, section 2.2).
The primary liner was modelled using volume elements and
the secondary liner using plate type elements. Two interfaces
were also included: a primary liner-soil interface and, as
mentioned, a secondary liner-primary liner interface.
3.3

Results and discussion

Figure 3 shows the excess pore pressure around the tunnel
originated by construction itself (stage 1). Underneath the
tunnel floor, it can be observed that an excess of positive pore
pressure is generated due to unloading, whereas close to the
lateral sides of the tunnel excess of negative pore pressure
develops due to loading. This means that the unloading
associated to the removal of the weight of the excavated soil
produces an upward general movement of the tunnel, Figure 4
(“bubble” effect, Auvinet and Rodríguez-Rebolledo, 2010).
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Table 2. Liners properties
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 = liner reduction factor of stiffness
f ’c = concrete axial unconfined strength
FR = reduction modulus due to plastic flow
E = modulus of elasticity
e = liner thickness
I = modulus of inertia
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Figure 4. Stage 1, vertical displacements

(-) Loading
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Figure 3. Stage 1, excess of pore pressure

Once the excess of pore pressure is dissipated (stage 2),
effective stresses increase in the soil located below the tunnel.
The clayey soil in this zone becomes a pre-consolidated
material and therefore is less compressible than the soil around
it. Because of that, once the definitive liner is installed (stage 3)
and the excess of pore pressure generated by the water pressure
drawdown is allowed to dissipate (stage 4), the rate of
subsidence of the soil underneath the tunnel decreases (Figure
5). Therefore, the tunnel experiences an apparent emersion with
respect to the surrounding soil.
Such emersion causes the soil around the tunnel to hang
from the primary liner, generating negative skin friction over its
upper part and inducing development of limit stress conditions
in some areas (Figure 6). The forces that try to make the tunnel
move downward induce, in turn, significant upward reaction
forces and some plastification in the hard layer (support layer).
The analysis results show that the final liner is subjected to a
very unfavourable loading condition from a structural point of
view (Figure 7). While the upper part of the tunnel (point A) is
loaded in vertical direction, the lateral sides (point B)
experience confinement loss. This decrease of the horizontal
stress can be estimated in a simple way by applying Terzaghi’s
effective stresses principle, that is:

 x  u 1  K 0 

(1)

where: x, is the total horizontal stress increment; u, is the
pore pressure increment and K0, is the coefficient of earth
pressure at rest.

Figure 5. Stage 4, vertical displacements

The total stress increment at point A has to be zero as a
result of the drawdown of pore pressure (y = 0). Variations
of the total stresses with respect to the amount of piezometric
drawdown at points A and B are displayed on Figure 7. This
figure also presents, for comparative purposes, the results
obtained from finite element modelling.
It can be observed that the total stress at point A estimated
with FEM increases as piezometric drawdown develops. This
can be explained by the fact that the tunnel settles at a lower
rate than the surrounding soil (apparent emersion). Hence, the
soil above the tunnel’s upper part pushes the liner downward,
increasing the vertical stress in this area.
Regarding the horizontal stress (Point B), a significant
difference can be observed between theoretical and FEM
solutions for a zero drawdown. This can be explained by the
fact that during the tunnel excavation stage the primary liner
tends to push laterally the soil located in the side zones,
generating an increment of the horizontal stresses. As the
piezometric drawdown takes place, the FEM solution gets
closer to the theoretical one. It is possible to conclude that the
theoretical solution can be used with confidence for determining
the decrement of the horizontal stresses (confinement loss) on
the sides of the tunnel as a result of pore pressure reduction.
This is not the case for the stress increment that develops on the
tunnel upper part. Differences between both solutions can be
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explained by the fact that the FEM takes into account the
interaction liner-soil that develops both during the construction
and serviceability stages.

unloading process developed on the sides of the tunnel can be
estimated using Terzaghi’s effective stress principle.
It has been confirmed that the FEM is a powerful tool for
analysing and designing tunnels in those difficult conditions,
since it allows: 1) considering different constitutive laws for the
materials involved; 2) simulating the phenomenon of
consolidation of the medium, due to excavation and
construction of the tunnel and piezometric drawdown and 3)
considering the interaction between liners and soil.
5
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Figure 6. Stage 4, plastic stress point
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4

CONCLUSIONS

A detailed description of the methodology employed for the
analysis and design of the definitive liner of a tunnel that will be
part of the Mexico City drainage system has been presented.
Part of this tunnel crosses through the clayey soils of the lake
zone in Mexico City valley.
It has been shown that unloading associated to the removal
of excavated soil produces a general upward movement of the
tunnel (“bubble” effect). As the excess of pore pressure
dissipates, a decrement of the effective stresses in the soil
located underneath the tunnel is produced. The stress decrement
originates that the clayey soil in such zone is transformed in a
pre-consolidated material, which becomes less compressible
that the surrounding zone. Because of this, as the definitive liner
is placed and the excess of pore pressure generated by the
piezometric drawdown dissipates, the soil below the tunnel
settles down at a lower rate than the surrounding soil. Therefore,
the tunnel experiences an apparent emersion with respect to the
surrounding media.
It was observed as well that during the piezometric
drawdown process, the secondary liner will be subjected to a
very unfavourable loading condition from a structural point of
view. Indeed, the upper part of the tunnel is submitted to a load
increment generated by the apparent emersion of the tunnel, and
at the same time, the sides of the tunnel experience a loss of
confinement due to a reduction of water pressure. The
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Effects of buried structures on the formation of underground cavity
Effets des structures enterrées sur la formation d’une cavité souterraine
Sato M.

Graduate student, the University of Tokyo

Kuwano R.

Associate professor, Institute of Industrial Science, The University of Tokyo

ABSTRACT: The number of “cave-in” accident, a sudden collapse of the ground like a pitfall, has been increasing nowadays in urban
roads. It is often caused by an underground cavity expansion without being noticed. A collapse happens when the cavity has reached
the surface ground. Many cavities are found close to underground structures. Some of those cavities are caused due to the breakage of
buried structures such as sewer pipes. Soil is flowed out from cracks of pipes with water. However, in some cases, obvious breakages
were not found in underground structures. In those cases, it is not clear why cavities tend to be generated around buried structures. It
is considered that water flows more easily around underground structures than in other part of the ground. Soil is carried with water
flow around buried structures. In this study, a series of permeability tests and model tests was conducted to investigate the effects of
buried structure on the formation of underground cavity.
RÉSUMÉ : Le nombre d’accidents dus à un affaissement, un effondrement soudain du sol comme dans une embuche, s’est accru
dernièrement dans les voies urbaines. Ces accidents sont souvent causés par une cavité souterraine s’élargissant sans que l’on s’en
aperçoive. Un effondrement se produit lorsque la cavité atteint la surface du sol. De nombreuses cavités se situent à proximité
d’ouvrages souterrains. Certaines de ces cavités sont dues à la rupture de structures enterrées telles que les canalisations d'égouts. Le
sol se répand dans les canalisations d'eau à travers les fissures présentes dans celles-ci. Toutefois, dans certains cas, des ruptures
évidentes n'ont pas été décelées dans les ouvrages souterrains. Dans ces cas-là, la raison pour laquelle les cavités ont tendance à se
produire autour de structures enterrées n’est pas claire. On considère que l'eau s'écoule plus facilement à proximité des ouvrages
souterrains que dans d’autres parties du sol. Le sol est transporté par le flux d'eau autour des structures enterrées. Dans cette étude,
une série d'essais de perméabilité et d’essais sur modèle a été réalisée pour examiner les effets des structures enterrées sur la formation
de cavités souterraines.
KEYWORDS: cave-in, sinkhole, erosion, cavity, model test, permeability test, underground structure, pipe

1

INTRODUCTION

Cave-in accidents in urban area are mostly caused due to broken
part of old buried pipes. Soil is washed out and flown into
brakages with water. Then underground cavities are formed.1)
However, pipe’s failure was not always found with
underground cavities. The process of expansion of underground
cavities in such cases is not clarified. One supposition is that;
water flow is concentrated at the gaps between the ground and
buried structures and soil is drained through this “water
pathway”.
In this research, influence of buried structure on the
formation of underground cavity was evaluated by permeability
test and model tests.
2

PERMEABILITY AT THE GAP OF THE GROUND

To investigate water permeability at the gap between a buried
structure and the ground, permeability test was conducted. An
acrylic cylinder was installed into the center of the constant
head peameability test apparatus. Tested:material, relative
density, cylinder’s diameter and unevenness of the cylinder’s
surface were changed. An example of the test results is shown
in Figure 1. Permeability coefficient with the cylinder was
around 10% higher than that without the cylinder. In case that
cylinder’s surface was uneaven (0.2mm thickness, rectanglar
block of the plastic tape) with crossing direction of water flow,
permeability coefficient showed larger value.2)

Figure 1. Permeability coefficient of constant head tests with/ without
the cylinder (Toyoura sand)

Figure 2 represented the influence of slight shaking of the
cylinder on permeability. Rotation of the cylinder made
permeability increase in dense ground but decrease in loose
ground, because rotation caused disturbance of the ground near
the cylinder. It was suggested that small shaking of the ground
caused increase of permeability around buried structures.
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Table 1. Test conditions with Constant & Horizontal water flow condition

Code Material
Sn
Tf
Ta
Ts
Vn
InD
InL

Figure 2. Effect of cylinder’s small shaking on permeability

3
3.1

Silica no.5
Toyoura
Toyoura
Toyoura
Volcanic
Improved
Improved

Elapsed
Ratio of
Position Dc or
Water
time
soil
of the Dr
level(cm)
outflow(%) (sec)
block (%)
None Dr 80
L far Dr 80
Above
Side
None
None
None

Dr 80
Dr 80
Dr 80
Dc 90
Dc 75

7.5
10

7.8
15.4

--220

10
10
10
10
10

7.1
11.5
0
0
0.4

220
270
150
340
150

MODEL TEST WITH CONSTANT WATER LEVEL
Test apparatus and conditions

Test apparatus is schematically shown in Figure 3. This
apparatus is composed of three parts: center soil chamber, right
and left side water chambers. Porous stones were put between
the soil chamber and water chambers, and bottom plate of the
soil chamber. Through the porous stone, water was penetrated
freely. There was a 5mm width opening at the center of the
bottom plate of the soil chamber, which was closed initially. A
wooden block (2.1cm length, 10cm height, 8cm width) was put
into the ground with various positions, which simulated a buried
structure. It was painted and water penetration was prevented.
Positions of the block were shown in Figure 5. Overburden
weight was equivalent to the weight at 100cm deep of the
ground. Toyoura sand, silica sand no.5, improved soil and
volcanic soil were used. The improved soil was utilized at
construction site, and the volcanic sand caused a sinkhole
accident Particle size distributions of tested materials are shown
in Figure 4. All test cases are shown in Table 1.
<Horizontal>
<Inclined >

Figure 5. Positions of the block

3.2

The model ground was compacted on around optimum water
content. Water was penetrated from the bottom porous stone
plate or side water chamber, until horizontal or inclined water
level was kept steadily. After the model ground became stable,
opening was released and then water and soil was flown out
from the opening
3.3

Figure3. Schematically figure of the soil chamber with constant water
level

Figure 4. Particle size distribution
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Test procedure

Test result

Position of the block changed the situation of the cavity
formation. Dotted line in Figure 6 represented the water level
just before the opening released. When water level was inclined
and water was flown from right to left as shown in Figure 7,
cavity was generated below the block but overall tendency of
the formation was similar as the case without the block. From
Figure 7, it was suggested that water was penetrated around the
block by putting blue ink to water.
Improved soil prevented soil outflow in dense condition but
a cavity was expanded in loose condition. Particle size
distribution of drained soil was investigated and the result was
shown in Figure 4. It was suggested that drained soil contained
much more fines than original material. The amount of fines in
drained soil of case InL was 50% of whole amount of fines in
the model ground, which proposed that fines flown out from
large area. Test results of horizontal water flow conditions were
shown in Table 1. “ Ratio of soil loss” in Table 1 means ratio
of weight of soil loss to total dry weight of soil in the model
ground.“ Elapsed time” in Table 1 means time which took to
achieve the specified water level (10cm) which indicates
permeability. From Table 1, position of the block influenced not
on rise of water level but on soil outflow. On the other hand,
increasing of water level was very rapid in volcanic soil which
didn’t cause soil outflow. Loose condition of improved soil
caused much more rapid rise of water level than dense condition
of that which suggested the risk of soil outflow in large
hydraulic gradient.
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Table 2. Test conditions with Repetition of water penetration

Code
TOpn
TOpf
TOpne
TOpa
TOps
SiOps
SiOpn
TSwf
TSwne
TSwa
TSws

7.5CM

A) Sn, winitial=10%

Position of the Initial Water
Dr (%)
block
content (%)
Toyoura
None
10
Dr 80
Toyoura
L far
10
Dr 80
Toyoura
Lnear
10
Dr 80
Toyoura
above
10
Dr 80
Toyoura
side
10
Dr80
Silica no.5
sude
10
Dr80
Silica no.5
None
10
Dr80
Toyoura
Lfar
10
Dr80
Toyoura
Lnear
10
Dr80
Toyoura
above
10
Dr80
Toyoura
side
10
Dr80
Material

10 CM

B) Ts, winitial=10%,
Figure 6. Cavity formation of the model test
with horizontal water level

4.2

Test procedure

Model ground was compacted on around 10% water content.
Approximately 100cc water was supplied with head difference
of 100cm. Water supply cycle was repeated until the cavity
reach ground surface.

7 CM

4.3

12 CM

TOYOURA SAND, DR=80%, Wi=10%, Lfar,
Water level L:7cm R:12cm
Figure 7. Water penetration around the block with inclined
water level

4 MODEL TEST WITH REPETITION OF WATER
PENETRATION
4.1

Test apparatus and conditions

Test apparatus was composed only of the center soil chamber.
This soil chamber size is 30cm long, 20cm high, 5cm wide. It
has the 5mm width opening at the center of the bottom plate and
soil was drained from there. Two patterns of water supply point:
“Opening” and “Side wall”, were set as presented in Figure 8.
Overburden weight was equivalent to the weight at 100cm deep
of the ground. A wooden block (2.1cm length, 10cm height,
5cm width) was set into the ground with 4 kinds of the
position.(as shown in Figure 4) Toyoura sand was used and
particle size distribution was shown in Figure . In Lfar test case,
colored sand layer was made in every 3cm thickness. Table 2
was shown the test conditions.
itions.

Test Result

Cavity formations of TSwne and TSwa are shown in Figure 9.
Arrow signified the direction of water supply. If water was
supplied from horizontal direction, cavity was generated around
the block. In TSwf test case, water content was measured at
several points as shown in Figure 10. Figure 10 suggested water
content was not uniform in the model ground. It was supposed
that water flew from water supply to the opening and passed
through the right side of the block.
Dry weight of drained soil was measured in each cycle, and
ratio of cumulative soil loss to total weight of soil in the model
ground was calculated. Rapid soil loss was observed in the test
case which the block didn’t disturb water flow (such as TOps
and TOpa cases). Although the cavity expansion was stopped
after a certain cycle in the test case without the block because
amount of water is not enough for reaching to the top of the
cavity and breaking the arching of the ground, it didn’t stop in
that with the block. Ground arching around a cavity was
disturbed by the block and water pathway was generated. Total

a) TSwne, 7th water supply

b) TSwa, 7th water supply

Figure 9. Cavity formation with repetition of water penetration
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soil loss was larger in the all cases with block than that without
the block.

was different from Toyoura sand and natural sand(Referring to
Figure 13), because Toyoura sand was clean uniform sand but
natural sand was well graded sand.

<Opening>

Figure 12. Evaluation of loosening

<NATURAL >

<TOYOURA>

<Side wall >
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FIGURE 13. Measurement of loosening and cavity by CT scanner,
Mukunoki et al.(2007)5))

6

CONCLUSION

This paper suggested that the placement of block in the model
ground changed water penetration and sometimes promoted
expansion of the cavity. In addition, gaps between buried
structures and the ground had higher water permeability than
that in the normal ground. The increase of water permeability
and concentration of water penetration around underground
structures may be caused in the practical ground. Two different
processes of generation of loosening are proposed.

Figure 11.Cumulative ratio of soil loss in each water

5 DISCUSSION ABOUT PROCESS OF THE CAVITY
AND LOOSENING EXPANSION
Loosening (low density area) was often generated around the
cavity. (1 Deformed area around the cavity was observed in
LfarTSw test case by colored sand layers, which was
represented in Figure 12. Later this deformed area became the
cavity as observed in Figure 10. It was obvious that soil outflow
from the cavity area. However, measured soil loss was not
equivalent to that from the cavity. It was proposed that this
phenomenon was caused by two different processes: 1)
expansion of loosening, and 2) soil loss from loosening area.
In the process of 1) expansion of loosening, it was supposed
that expansion of loosening caused cavity’s shrinkage. Area of
loosening and area of cavity was estimated from photographs
taken during the tests and then ratio of loosening area to cavity
area was calculated. As shown in Figure 13, ratio increased
rapidly and then decreased. The test cases which the block was
set at Lfar and Lnear positions, the ratio increased much more
than other cases. This process easily happened in clean uniform
materials such as Toyoura sand and Silica sand no.5. Renuka et
al.(2011) evaluated the stiffness of loosening by cone
penetration test and found that penetration resistance decreased
in loosening area3).
In the second process, it was suggested that fine particles
were flown out from loosening. This process was caused in well
graded materials. (Referring to 3.2) Kenny et al.(1985).
suggested that particles which were larger than four times of
fine particles were necessary for this process.4) Mukunoki et
al.(2007)5) revealed by CT scanner that formation of loosening
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Rational interpretation of tunneling considering existing tunnel and building loads
Interprétation rationnelle du creusement des tunnels prenant en compte les tunnels préexistants
et les charges liées aux constructions
Shahin H. Md., Nakai T., Iwata T.

Department of Civil Engineering, Nagoya Institute of Technology, Nagoya, Japan

ABSTRACT: In this research, model tests of twin tunnels excavation are conducted changing the position of following tunnel. It is
also demonstrated the interaction effect between tunneling and existing nearby structures in this paper. The corresponding finite
element analyses are also conducted using FEMtij-2D software with elastoplastic subloading tij model. It is revealed that the earth
pressure distribution and ground movements during tunnel excavation depend on the distance and position between the twin tunnels.
It is also found that there is a significant effect of tunneling on the existing foundation of building even the tunnel is constructed in
deep underground. The numerical results show very good agreement with the results of the model tests.
RÉSUMÉ : Dans ce travail, des essais sur modèles réduits du creusement de deux tunnels adjacents ont été réalisés dans lesquels la
position du tunnel suivant a été changée. On montre l’effet de l’interaction entre le creusement et les structures environnantes. Des
simulations par la méthode des éléments finis ont également été réalisées en utilisant le code FEMtij-2D et le modèle de
comportement élastoplastique tij basé sur le concept de subsurface de charge. Les résultats montrent que la distribution de la pression
des terres et les mouvements du sol durant le creusement du tunnel dépendent de la distance et de la position des deux tunnels
adjacents. Ils montrent également qu’il y a un effet significatif du creusement sur les fondations des constructions existantes même si
la profondeur du tunnel est importante. On obtient une très bonne concordance entre les résultats expérimentaux et numériques.
KEYWORDS: tunnel excavation, model tests, finite element simulations.
1

2

INTRODUCTION

The behavior of the ground during tunnel excavation is usually
investigated conducting model tests where absolute
displacement is applied in the boundary of the tunnel periphery
or stress around the excavation face is applied. In our previous
research (Shahin et. al 2004 & 2011), we developed a tunnel
apparatus to simulate tunnel excavation where the cross section
of the tunnel is circular. In that device the tunnel was made in
this way that the movement of the tunnel itself was not allowed.
But, a real field tunnel is free to move in the vertical and
horizontal directions. To consider this important point, in this
research further modification of the model tunnel apparatus has
been done for allowing the movements of the tunnel together
with the soils of the ground. The device allows the movements
of the tunnel itself with satisfying the equilibrium between
tunnel and the surrounding ground. In this research, model tests
of twin tunnels excavation are conducted changing the position
of following tunnel with the new apparatus.
Nowadays, urban tunneling in deep underground is
increasing all over the world. In Japan, in the design of tunnel
construction it is not usually considered the effect of tunneling
on existing structure if a tunnel is constructed in deep
underground (more than 40m deep ground) and the vertical
distance from the foundation of existing structure is more than
10m. To investigate the effect of tunneling on existing structure,
model tests of tunneling are also performed in deep
underground considering existing building. The corresponding
numerical simulations are performed using FEMtij-2D software.
Subloading tij model is used as an elastoplastic constitutive
model for the ground material. This model can describe typical
stress deformation and strength characteristics of soils such as
the influence of intermediate principal stress, the influence of
stress path dependency of plastic flow and the influence of
density and/or confining pressure.

DESCRIPTION OF MODEL TESTS

Figure 1 shows the tunnel apparatus after the modification of
the previous tunnel device (Shahin et. al (2011)). In the new
apparatus, the excavation part can be moved upward and
downward, and left and right without friction by a bearing and a
horizontal slider attached in the device. The weight of the entire
model tunnel is balanced with the counter weight applied
through a fixed pulley set at the top of the device. As a result,
the tunnel excavation can be simulated by leaving it to an
equilibrium condition of the vertical and lateral earth pressures
controlling the amount of shrinkage of the tunnel diameter. The
total diameter of the tunnel is 100mm. Figure 2 shows the
layout of the apparatus having two model tunnel devices; both
tunnel devices have the same dimension as described in Fig.1.
In the apparatus 12 load cells are used to measure earth pressure
acting on the tunnel. The load cells are attached with blocks
which are placed surrounding the segments of the tunnel.
Therefore, earth pressure can be obtained at 12 points on the
periphery of the tunnel at a time.
The dimension of the apparatus is chosen with a scale of
1:100 between the model and prototype scales. Mass of

1773

Pulley block
Motor
Counter
weight
Laser disp.
transducer

Stand
Stopper

Side view
Back view
Figure 1. Schematic diagram of tunnel device.
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parameters for the aluminum rod mass are shown in Table 1.
The parameters are fundamentally the same as those of the Cam
clay model except the parameter a, which is responsible for the
influence of density and confining pressure. The parameter 
represents the shape of yield surface. The parameters can easily
be obtained from traditional laboratory tests. Figure 5 shows the
results of the biaxial tests for the mass of aluminum rods used in
the model tests. From the stress-strain behavior of the element
tests simulated with subloading tij model, it is noticed that this
model can express the dependency of stiffness, strength and
dilatancy on the density as well as on the confining pressure.
The initial stresses of the ground are calculated by simulating
the self-weight consolidation applying body forces starting from
a negligible confining pressure. In the case of the building loads,
the ground is initially formed under geostatic condition, and
then concentrated load is applied at the middle node of the
foundation.

Figure 2. Circular tunnel device.

2

1

DESCRIPTION OF NUMERICAL ANALYSES

Figure 4 shows a typical mesh used in the finite element
analyses. Isoparametric 4-noded elements are used in the mesh.
Both vertical sides of the mesh are free in the vertical direction,
and the bottom face is kept fixed. To simulate the tunnel
excavation, negative volumetric strain in the tunnel elements is
applied which corresponds the amount of radial shrinkage of the
tunnel. This is an important simulation technique to consider
free movements of the tunnel. Analyses are carried out with the
same conditions of the model tests. Two-dimensional finite
element anlyses are carried out with FEMtij-2D using the
subloading tij model (Nakai and Hinokio, 2004). Model

1774

2

3

4

5

6

7

8

(a)

9

• d•• • •

observed( • •2=19.6kP a)
caclulated( • •2=19.6kP a)
calculated( • •2=0.2kpa)

• •2=const.

3

2

1

•

1

2

3

4

5

6

7

8

(b)

9

• 2•d• • •

-1.0
-0.8
-0.6
-0.4
-0.2
0
•0.2•
0.4

•

Figure 5. Stress-strain-dilatancy relation of aluminum rods mass.
Table
1. Parameters of soil materials
_______________________________________
Parameters
Value
_______________________________________

0.0080

0.0040
0.30
N (eNC at p=98kPa & q=0kPa)
1.80
RCS=(1/3)CS(comp.)

1.20
e
0.20
a
1300
_______________________________________

4.1
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0
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Figure 3. Different positions of twin tunnels.
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Figure 4. Typical finite element mesh for twin tunnel analyses.
stress ratio, • 1•/• •2

aluminum rods, having diameters of 1.6 and 3.0 mm mixed with
a ratio of 3:2 in weight, is used as ground material. The unit
weight of the aluminum rods mass is 20.4kN/m3, and the length
is 50 mm. The mass of aluminum rods are stacked up to a
prescribed height after setting single tunnel device or twin
tunnels devices according to the purpose of the experiments.
The initial ground is made in such a way that the earth pressure
becomes similar to the earth pressure at rest adjusting the block
of aluminum set at the bottom of the apparatus. The tunnel
excavation is simulated by controlling the shrinkage of the
tunnel device. The resulting surface settlement of the ground is
measured using a laser type displacement transducer.
Photographs are taken during the experiments for the
determination of ground movements with a program based on
the technique of Particle Image Velocimetry (PIV).
To simulate building loads strip foundation and pile
foundation are used. The dead loads are applied on the top of
the raft before performing tunnel excavation and are kept fixed
throughout the test. Depending on the foundation types and the
length of the piles different values of dead load are applied on
the ground surface, which is around 1/3 of the ultimate bearing
capacity. The model tests have been conducted for four kinds of
overburden ratio, D/B, where D is the depth from the ground
surface to the top of the tunnel and B (10cm) is the width of the
tunnel. As the width of the tunnel is 10cm, the depth of 40cm
corresponds to 40m in prototype scale. Therefore, the soil cover
of D/B=4.0 represents the tunneling in deep underground. In the
case of the tunneling in deep underground pile foundation, of
different pile lengths, is used to consider building loads.

RESULTS AND DISCUSSIONS
Twin Tunnels Excavations

Figure 6 illustrates the surface settlement profiles for both
preceding (1st) tunnel and following (2nd) tunnel excavation in
the case where the 2nd tunnel is constructed directly underneath
the 1st tunnel and at a distance of ST1=1.0B. The soil cover of
the preceding tunnel D/B=2.0. The vertical axis represents
surface settlement, while the abscissa shows the distance from
the center of the tunnel. A wider settlement trough and larger
settlement are observed due to the excavation of the 2nd tunnel
as can be expected. The maximum surface settlement occurs in
the centerline above the tunnel crown as the preceding tunnel
moves towards the following tunnel excavation. The preceding
tunnel moves towards the following tunnel when it is
constructed below the level of the preceding tunnel at any
direction and at a certain range. When the following tunnel sits
in the same elevation of the preceding tunnel the maximum
surface settlement does not change significantly except its range
which becomes wider compare to a single tunneling. The
numerical analyses capture well the settlement troughs of the
model tests.
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Settlement (mm)

ST1=0.25B

ｎ(×98kPa)

ST1=ST2=0.25B
B

Figure 6. Surface settlement profile – vertically downward

(a) Observed

ｎ(×98kPa)
(b) Computed

Figure 8. Earth pressure distribution at the preceding tunnel after the
excavation of the following tunnel

4.2

Tunnel excavation considering building loads

Figure 9(a) shows the observed and computed surface
settlements profiles for 1mm and 4mm of shrinkage in D/B=1.0
(shallow tunneling) where strip foundation is used to consider
building loads. Figure 9(b) shows the observed and computed
surface settlements profiles for D/B=4.0 (tunneling in deep
underground) where pile foundation is used to consider building
loads. Here, the distance between the crown of tunnel and the
pile tip is 10cm (10m in prototype scale). These figures also
represent the results of the green field condition for the
shrinkage of dr=4mm, which is shown with solid line. The
position of the applied dead load and the position of tunnel are
depicted at the top and the bottom in the figure, respectively. It
is seen that the maximum surface settlement occurs at the
position of the building load as observed in the previous
researches (Shahin et al., 2004 & 2011). The deep underground
tunneling has a significant effect on the existing structure. The
numerical simulations can explain well the results of the model
tests. It is also noticed that surface settlement troughs for tunnel
excavation in the ground disturbed by existing buildings do not
follow the usual pattern of a Gaussian distribution curve even in
the deep tunneling, as observed for the Greenfield condition.
Settlement(mm)

Figure 7 shows the distributions of obseved and computed
shear strain. The distribution of shear strain of the model tests
are obtained from the simulation of Particle Image Velocimetry
(PIV) technique. The figures show the results of the cases where
the following tunnel is situated directly underneath (ST1=0.25B)
and diagonally downward (ST1=ST2=0.25B). The concentration
of the strain is represented with the color contrast indicated in
the legend. It is seen in the result that the shear band of the
ground is developed from the tunnel invert and covered the
entire tunnel during tunnel excavation. It is also seen that shear
strain occurs towards the preceding tunnel due to the excavation
of the following tunnel. A region of large strain concentration is
seen in between the twin tunnels due to excavation of the
following tunnel for both ST1=0.25B and ST1=ST2=0.25B.The
shear strain of the numerical analyses shows very good
agreement with the results of the model tests.
Figure 8 shows the observed and computed earth pressure
distributions for D/B=2.0 where the following tunnel is situated
directly underneath (ST1=0.25B) and diagonally downward
(ST1=ST2=0.25B). It is seen that in ST1=0.25B (directly
underneath) for the excavation of the preceding (1st) tunnel
earth pressure decreases around this tunnel due to the arching
effect, the same as the results of the references (Murayama and
Matsuoka, 1971; Adachi et al., 1994; Shahin et al. 2004 &
2011). As shear band develops surrounding the tunnel (Fig.7)
the surrounding ground undergoes to a loosen state which
reduces stresses in that place. However, the earth pressure at
both side of the tunnel increases and it decreases at the tunnel
invert during excavation of the following tunnel. On the other
hand, when the following tunnel is constructed at
ST1=ST2=0.25B (diagonally downward), earth pressure of the
preceding tunnel increases at the right shoulder and the left part
of the tunnel invert. The numerical analyses perfectly capture
the distributions of earth pressure for the excavation of the
following tunnel in two different locations.
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Figure 9. Surface settlement profiles

1775

100 200 300

0

6 (a) observed
8
-300 -200 -100 0

Figure 7. Strain distribution in the ground

0

0

100 200 300

x(mm)

Proceedings of the 18th International Conference on Soil Mechanics and Geotechnical Engineering, Paris 2013

Figure 10 represents the observed and computed shear strain
distribution for soil cover of D/B=1.0 in the case of flat
foundation. Figure 11 shows the same for the pile foundation
where the tunnel is constructed in the deep underground
(D/B=4.0). As shown in the figures that the shear band of the
ground is developed during the tunnel excavation and it spreads
towards the strip foundation from the sides of the tunnel. In the
deep underground, a large shear strain due to tunnel excavation
concentrates to the rear pile for the case of Dp/B=1.0, where Dp
is the vertical distance between the pile tip and the tunnel crown.
Because of the disturbed initial stress, the development of the
shear band is different in the left and right side of the tunnel.
The effect of the tunneling to the existing structure mainly
depends on the distance between the tunnel and foundation of
the structure. The computed distributions of shear strain of the
numerical analyses show very good agreement with the results
of the model tests.

Figure 12. Earth pressure distribution – strip foundation

Figure 10. Strain distribution – strip foundation (D/B=1.0)
Figure 13. Earth pressure distribution: pile foundation (D/B=4.0)

5

Figure 11. Strain distribution – pile foundation (D/B=4.0)

Figure 12 shows the earth pressure distributions for the strip
foundation when D/B=1.0. Figure 13 shows the same for the
pile foundation where D/B=4.0 and Dp/B=1.0. Here, the dotted
curves with black circular marks represent the earth pressure
levels before applying the building loads, while the black solid
line represents the pressure levels after applying the building
loads, and the red solid line represents the earth pressure of the
greenfield condition for dr=4.0mm. The earth pressure at the
foundation side increases after applying the building loads. It
decreases to some extent around the tunnel after performing the
tunnel excavation except at the invert which is the opposite side
of the foundation. An unsymmetrical earth pressure distribution
was seen around the shallow tunneling, and the final earth
pressure distributions were different from those of the
greenfield condition. Therefore, the effect of the soil-structure
interaction should be properly contemplated in the earth
pressure computation around the tunnel lining even in the
tunneling of deep underground. The results of the simulations
slightly differ from the measured earth pressure levels around
the tunnel invert. As a whole, the subloading tij model simulates
well the earth pressure distribution of the model tests in the case
of the soil-structure interaction problem.
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CONCLUSIONS

From the model tests and numerical simulations it is found that
for the excavation of the preceding tunnel earth pressure
decreases around this tunnel as expected, however, the earth
pressure at both side of the tunnel increases and it decreases at
the tunnel invert during the excavation of the following tunnel
when the following tunnel is placed directly underneath of the
preceding tunnel. On the other hand, when the following tunnel
is placed diagonally downward earth pressure of the preceding
tunnel increases at the right shoulder and the left part of the
tunnel invert. A region of large deviatoric strain concentration is
seen between the twin tunnels due to excavation of the
following tunnel. Therefore, the interaction of parallel tunnels
should be predicted carefully for proper and safe design for the
closely spaced tunnels. It is also found that there is a significant
effect of tunneling on the existing foundation of building even
the tunnel is constructed in deep underground. The numerical
analyses perfectly capture the surface settlement, ground
deformation and distributions of earth pressure of the model
tests.
6
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An elastic continuum model for interpretation of seismic behavior of buried pipes as
a soil-structure interaction
Un modèle de continuum élastique pour l'interprétation du comportement sismique des conduites
enterrés comme une interaction sol-structure
Tohda J.

Osaka City University

Yoshimura H.

Anan National College of Technology

Maruyoshi K.

Dainippon Plastic Co. Ltd.
ABSTRACT: An elastic 2-D continuum model to interpret the seismic behavior of buried pipes as a soil-structure interaction was
proposed. The model simulated a condition in which the ground under K0-condition was subjected to simple shear due to earthquake.
The interface condition between pipe and soil was assumed to be perfectly smooth. A series of 1/30-scaled centrifuge model tests was
conducted to verify the proposed model, where normal and tangential earth pressures on, and bending moments of, two model pipes
with different flexibilities were precisely measured during 10 cyclic simple shear deformation of model grounds. The proposed model
generated results that were consistent with the measured ones, revealing that the proposed model gives a rational interpretation for the
seismic soil-pipe interaction, while current design using seismic deformation method based on spring models is misleading.
RÉSUMÉ : Un élastique 2-D modèle de continuum pour interpréter le comportement sismique des conduites enterrés comme une interaction sol-structure a été proposée. Le modèle a simulation simulé une condition dans lequelle le sol sous condition K0 a été soumis
à un cisaillement simple en raison de tremblement de terre. La condition d'interface entre le conduite et le sol était supposé être parfaitement lisse.Une série d'essais sur modèle centrifugeuse enéchelle 1/30 a été effectuée afin de vérifier le modèle proposé, où la
pression des terres normales et tangentielles sur, les moments de flexion de deux conduites modèles avec différentes flexibilités ont
été précisément mesurée pendant 10 déformation de cisaillement cyclique simple des motifs du modèle. Les résultats du modèle proposé qui étaient compatibles avec celles mesurées révélant que le modèle proposé donne une interprétation rationnelle de la sismique
interaction sol-conduites, tandis que la conception actuelle en utilisant la méthode déformation sismique basée sur des modèles de
printemps n'est pas raisonnable.
KEYWORDS: buried pipe, seismic soil-structure interaction, continuum model, earth pressure, centrifuge model test
1

lated simple shear deformation of the ground produced by
earthquake.

INTRODUCTION

Two types of models, namely a continuum model and a spring
model, to interpret the mechanical behavior (earth pressure and
deformation) of buried pipes as a soil-structure interaction were
proposed hitherto. However, being their interpretation for the
phenomenon different, it often generates confusion in this research field (e.g. Moore 1989). The authors investigated the
concentration of earth pressure on rigid pipes and its relaxation
on flexible pipes, as well as buckling of thin-walled buried
pipes through experimental and analytical researches (Tohda et
al. 1986, 1994, 1997 and Tohda 2001), revealing that the continuum model reasonably explains the actual behavior of buried
pipes, while the spring model is erroneous.
Current design standards for buried pipes in Japan (e.g.
JSWAS 2006) prescribe the application of seismic deformation
method based on the spring model to predict the stability of buried pipes against seismic loading. The authors pointed out again
that the current design standards prediction for the behavior of
buried pipes is different from those observed in dynamic centrifuge model tests (Tohda et al. 2010a). One of the critical differences between the measurements and prediction is the role of
tangential earth pressures () acting on the surfaces of buried
pipes.  in the measurement are always almost null, while in the
prediction  is assumed to govern the seismic behavior of buried
pipes.
In the present paper, the authors proposed a new elastic 2-D
(two-dimensional) continuum model to interpret reasonably the
seismic behavior of buried pipes as a soil-structure interaction.
Its validity was confirmed through comparison between the
analysis and measurement in centrifuge model tests that simu-

2
2.1

PROPOSED MODEL AND ANALYTICAL RESULTS
Proposed seismic continuum model

Figure 1 shows the proposed 2-D continuum model. The model
simulates the condition in which the ground under K0-condition
is subjected to simple shear due to earthquake. Soil and pipe are
assumed as linear elastic bodies. Relative stiffness between soil
and pipe (=Es/Sp) is varied from 0 (pipe as rigid body) to  (a
circular cavity exists in the ground). Where, E s is the
Young’s modulus of soil; Sp=Ept3/{12(1p2)R3}, the flexural
stiffness of the pipe; Ep and p are, respectively, the Young’s
modulus and Poisson’s ratio of the pipe; t is the wall thickness
of the pipe, and R, the neutral radius of the pipe. Poisson’s ratios of soil (s) are also varied from 0.2 to 0.4.
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Figure 1. Proposed 2-D seismic continuum model.
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A boundary condition at the interface between the pipe and
soil is assumed to be perfectly smooth (=0). Normal stress x=
0 and shear stress xy=Kh0 are assigned to infinite horizontal
planes. Normal stress y=K00 and shear stress xy=Kh0 are assigned to infinite vertical planes. Here, 0 corresponds to the
vertical stress in the ground produced by soil weight. K0 (=s/
(1s)) is the coefficient of earth pressure at rest, and Kh is the
horizontal seismic coefficient.
The maximum and minimum principal stresses (1 and 3)
and the angle () between the horizontal plane and maximum
principal plane are expressed by 1=[(1+K0)/2+{(1K0)2/4+
Kh2}1/2]0, 3=[(1+K0)/2{(1K0)2/4+Kh2}1/2]0, and sin2=Kh/
{(1K0)2/4+Kh2}1/2. When the two coefficients K0 and Kh are
given, K=3/1 and  can be determined. One of the authors derived the solution of a model in which 1 and 3 act on the infinite horizontal and vertical planes in usual manner of elastic
theory using Airy’s stress function (Tohda and Mikasa 1986).
Thus, the stress and deformation components of the proposed
model can be obtained by transforming this solution into the xy
axes in Figure 1.
Analytical results

2.2

Figure 2, illustrated in polar coordinates, shows the distributions
of normal earth pressure /0 acting on the surface of the pipe
and bending moment M/(0R2) produced on the pipe wall, analyzed for different  when s=1/3 (accordingly K0=0.5) and
Kh=0.5. Compressive  are counted as positive. Positive M corresponds to the case where the internal surface of the pipe is under tension. Analyzed  acting on the surface of the pipe are null.
2
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CENTRIFUGE MODEL TESTS AND EXPERIMENTAL
RESULTS

3.1

Procedure of centrifuge model tests

Two model aluminum pipes, whose dimensions and material
properties are shown in Table 1, were used in the tests. They
were named as R-pipe and F-pipe according to their flexibilities.
Their external diameters (D) and lengths were 90 mm and 148
mm, respectively. Their wall thickness (t) varied from 3.5 mm
to 0.95 mm, so that their Sp values are similar to those of the
RC-pipe and plastic-pipe (either FRPM-pipe or PVC-pipe) prototypes. The surfaces of the pipes were smoothly finished to
simulate those of the prototype pipes. Normal () and tangential () earth pressures acting on the pipe surface at 20 measuring points, as well as bending strains () produced on the walls
of the pipes at 16 measuring points, were measured. The structure of the model pipes and their instruments were detailed in
the literature (Tohda et al. 2010b).
Figure 4 shows the model configuration. The model was
scaled to 1/30 of the prototype. The model pipes were buried in
model grounds with a cover height (H) of 9 cm or 18 cm (H/D=
1 and 2) and a distance from the pipe bottom to the ground bottom (Hb) of 15 cm. Thick aluminum plates with hinge systems
at the lower ends were placed at the lateral sides of the model
grounds. The internal front and back walls of the container, as
well as the internal surfaces of the lateral-side plates, were lubricated by means of two sheets of rubber membrane with silicon grease. A sheet of water resistant sand paper (grain size
=0.30.7 mm) was pasted on the bottom of the container.
Two types of soils, dry silica sand (S0) or decomposed granite (S16), were used in the tests. Loose and dense S0-grounds
(S0L- and S0D-grounds) were constructed by dry pluviation,
and loose S16-ground (S16L-ground) was constructed by compaction. The pluviation or the compaction was carried out in the
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0
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0
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R-pipe
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(a) =0.5 (R-pipe).

/ 0

(b) =30 (F-pipe).
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pipe

0
-0.5

0
-2
0 -2

0

3

Table 1. Dimensions and material properties of model pipes.
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Figure 2 indicates that: 1) The symmetric axes of distributions
of both /0 and M/(0R2) rotate owing to simple shear of the
model, while the rotation angle is unchanged for any  under
the constant Kh condition. 2) The smaller is, the greater are the
generated maximum values of /0 and M/(0R2).
Figure 3 shows /0 and M/(0R2) for different Kh when 
=0.5 and 30, s being 1/3 (K0=0.5). As described in Chapter 3,
these two  values are close to those in test cases when R-pipe
and F-pipe were buried in a loose dry silica sand ground (S0Lground). Figure 3 indicates that: 1) In both  cases, the greater
Kh is, the greater are the generated maximum values of both
/0 and M/(0R2) and the generated value of . 2) Changes in
/0 and M/(0R2), as well as their maximum values, are considerably greater when =0.5 than those of =30.
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Figure 3. Analyzed /0 and M/(0R2) for different Kh (K0=0.5, s=1/3).
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Figure 4. Model configuration (unit: mm).
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Table 2. Properties of model grounds.
Ground
S0L
S0D
S16L

Gs
2.65
2.65
2.71

Dmax
(mm)
1.4
1.4
2.0

dmax

Uc (g/cm3)
1.75
1.58
1.75
1.58
70
1.92

Fc
0
0
16

dmin
d
w
(g/cm3) (g/cm3) (%)
1.32
1.43
0
1.32
1.55
0
1.42
1.50
10

direction parallel to the longitudinal axes of the model pipes.
The properties of the model grounds are shown in Table 2.
At a centrifugal acceleration field of 30 g (g: gravitational
acceleration), the lateral-side plates were rotated by means of
the hydraulic cylinder in parallel cyclically ten times, first to the
left-side and next to the right-side, until simple shear strain ()
of the model ground reached 3.2 %. Time required for one cycle
was 6 minutes. The value of =3.2 % was determined as an average value of relative shear strains produced between the bottom and top of the pipes that were buried in the different model
grounds under resonant conditions due to level-2 seismic motions.
Experimental results

3.2

Marks and thin lines in Figure 5 (R-pipe) and Figure 6 (F-pipe)
show , , and M that were measured at =3.2 % when the
ground was deformed to the left-hand side. The marks and thin
lines correspond to the data measured at N=1, 2, 5, and 10 (N:
number of repetition times for shear). Measured  acting counterclockwise are counted as positive.
Measured results shown in Figures 5 and 6 indicate that: 1) 
and M increase with an increase in N owing to hardening of
soils due to repetitive shear deformation, but they have tendencies to converge when N5. 2)  are always close to be null. 3)
When H/D=1, the model grounds with greater Kh tend to generate greater maximum values of  and M, as well as greater . 4)
Changes in  and M due to the differences in the test conditions,
NN
11
Measured
Measured252
5
1010
Analysed
Analyzed

0.1
(MPa)
0

0.1

4 COMPARISON BETWEEN ANALYTICAL AND EXPERIMENTAL RESULTS
Input parameters used in the analysis for each experiment were
determined as shown in Table 3, as it follows: 1) Total vertical
stress in the model ground at the mid-height of the model pipe
was assigned to the boundary stress x=0. 2) Values of both Es
at 0 and s (constant regardless of 0) were determined from
K0-compression tests using a rectangular box. 3) K0 value was
obtained from s through K0＝s /(1－s). 4) xy and Kh values
were obtained from Es,  s and  =3.2 % through  xy=G =
Es/{2(1+s)}=Kh0. Table 3 indicates that the difference in Kh
Table 3. Input parameters used in the analysis for each experiment.
Test condition
Ground H/D
1
S0L
2
S0L
1
S16L
1
S0D

, , 
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0.1
0

0
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(kPa)
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0.35

2050
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as well as the maximum values of  and M, are considerably
greater in R-pipe than in F-pipe.
,and  measured for the two model pipes in the present
tests were compared with those measured in other dynamic centrifuge model tests (Tohda et al. 2010b), in which the same models as those in the present tests were oscillated 10 times by 1
Hz sinusoidal horizontal acceleration wave with an amplitude of
0.8 g. The comparison showed that: 1) The mechanical behavior of the model pipes obtained in both centrifuge model tests
was similar qualitatively. 2) The maximum bending strains
(max) when H/D=1 yielded similar magnitudes in both tests, but
max when H/D=2 were 2 to 3 times greater in the present tests
than in the dynamic tests (Ohsugi et al. 2011).
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5

for different types of the model grounds is remarkable, while
the difference in K0 values is not so high.
Thick lines in Figure 5 (R-pipe) and Figure 6 (F-pipe) show
the analytical results. The analytical  are null. Comparison between analytical and experimental results indicates that the analytical results in Figures 5 and 6, as well as those shown in Figure 3, are consistent with the experimental results except for
exceptional cases. It should be noted that the measured  in the
experiment are always close to be null, which conformed to
=0 in the analysis. However, the current design standards using the seismic deformation method based on the spring model
assume that  acting on the pipe surface govern the seismic behavior of buried pipes. This contradicts with the results obtained
in the experiment and analysis, revealing that the current seismic design standards are misleading.
One of the analyzed cases being inconsistent with the experiment is the case when R-pipe was buried in S0D-ground.
There are two areas in which the analyzed  are negative (tension). As soil cannot resist tension, separation between the pipe
and soil must have occurred in the experiment. This separation
must have generated redistribution of earth pressure, resulting in
smaller  and M in the experiment than in the analysis. This interpretation was validated by a FEM analysis in which the separation at the pipe-soil interface was considered.
Another exceptional point of inconsistency between the
analysis and experiment is the specific concentration of 
measured at two measuring points 18 or 36 apart from the top
and bottom of F-pipe (cf. Figure 6). Its magnitude increases
with the increase in N in any case. The concentration points of
exactly reversed when the ground was deformed to the righthand side. The analysis showed that the soil elements close to
the surface of F-pipe at the concentration points of  were subjected to compressive mean stresses, whose magnitudes were
around two times greater than those in R-pipe. On the other
hand, the magnitudes of deviator stresses at the corresponding
points were similar in F-pipe and R-pipe. It was supposed,
therefore, that compression of the soil close to the concentration
points of  in F-pipe must have strengthened the rigidity of the
soil irreversibly during the iterative simple shear in the tests, resulting in the specific concentration of  on F-pipe.
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The validity of the proposed continuum model for interpretation
of the seismic behavior of buried pipes as soil-pipe interaction
was confirmed by experiment. It can be concluded, therefore,
that a basic theory for seismic design of buried pipes, instead of
current seismic design based on problematical spring models,
was provided by this study.



-10 (kN·m/m)
0

0

 

, 

N
1
Measured 2
5
10
Analyzed

0.1 (MPa)

CONCLUSIONS

-20

0.1

10

M

10
10

0

-10

 

0
0.1
0

0

0

0

(d) S0D-ground, H/D=1

(c) S16L-ground, H/D=1

Figure 6. Comparison between experimental and analytical results (F-pipe).

1780

M

-20
0.1

(kN·m/m)
0

10
0
-10

10

0

-20

Building with the Subsurface for realizing cost-efficient infrastructure
Construire avec le sous-sol pour réaliser une infrastructure à coût avantageux
Venmans A.A.M.

Deltares, P.O. Box 177, NL-2600 MH Delft, The Netherlands

ABSTRACT: The paper introduces the concept of ‘Building with the Subsurface’ for optimising constructions to profit from
subsurface conditions. The concept fits in the framework of Value Engineering. A case study for a road on soft soil illustrates the
concept. Subsoil heterogeneity is expressed in sets of discrete synthetic subsoil profiles, suitable for geotechnical design calculations
with conventional tools. The case study shows that the uncertainty in the whole life cost of the road ranges between ±10% and ±30%,
depending on lithology and sensitivity of the construction method to subsoil uncertainty. Adding local site investigation to subsoil
data from public sources reduces the uncertainty.
RÉSUMÉ : L'article introduit l'idée de ‘Construire avec le Sous-sol’ afin d'optimiser les constructions en profitant des conditions du
sous-sol. Le concept s'inscrit dans le cadre de l'Ingénierie de Valeur. Le cas d'une route construite sur sol compressible illustre le
concept. L'hétérogénéité du terrain est exprimée par des jeux de profils synthétiques discrets qui conviennent aux calculs
géotechniques menés avec des outils conventionnels. L'étude de cas montre que l'incertitude sur le coût de la route pendant toute sa
durée de vie varie entre ±10% à ±30%, selon la lithologie et la sensibilité de la méthode de construction aux incertitudes liées au soussol. Ajouter aux données du sous-sol de source publique une reconnaissance de sols locale réduit l'incertitude.
KEYWORDS: Subsurface model, Value Engineering, geological uncertainty, cost estimate, roads, soft soil, piled embankments.
1 BUILDING WITH THE SUBSURFACE AND VALUE
ENGINEERING
Reduction of subsoil related risks has been an important issue
for the past few years in the Netherlands. The potential
economic benefit is estimated at 1.5 % of the construction
sector turnover (van Staveren, 2006). However, entrepreneurs in
the construction sector are easier stimulated by opportunities
than by problems. Value engineering is an acknowledged
method for identification of options for cost reduction. Value
engineering saved between 6 and 8% of the total construction
costs in U.S. highway projects in the past five years (US DoT
FHWA, 2011). This paper focuses on the potential of the
subsurface to realize cost savings in infrastructure construction.
The lithology, engineering properties and hydrology of the
subsoil determine the feasibility of construction methods and
their costs. Critical parameters may concern foundation depths,
the continuity of an impervious layer or geotechnical properties.
These critical parameters are often not adequately and
systematically mapped in the current Dutch site investigation
practice. The usual approach is based on CPT’s with typical
centre-to-centre distances of 100 m, and soil sampling in
borings even wider apart. Although this will provide a general
idea of the soil profile and properties, heterogeneity will still
cause substantial uncertainty. The more expensive way out is to
use construction methods that are robust with respect to
geological heterogeneity, such as piled embankments.
Three key elements of realizing more cost-effective
infrastructure are (1) knowing the potential heterogeneity, (2)
knowing its impacts on construction methods and costs and (3)
reducing the impacts. This concept is called ‘Building with the
Subsurface’, i.e. optimising constructions to profit from
subsurface conditions. The impacts of subsurface uncertainty on
construction costs are made explicit during the process. This
allows informed decisions to be made on additional site
investigation and finally, the selection of a construction method
on the basis of costs, and uncertainty in costs. A Value
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Engineering / ‘Building with the Subsurface’ study can be
performed in any project stage, but will be most rewarding in
the feasibility stage. Usually the alignment or corridor will have
been set in this stage. Choices regarding construction methods,
materials and mitigation of impacts on the surrounding area are
still open. The main outputs of the feasibility stage will be cost
estimates, a time schedule for construction, and
recommendations for mitigation of impacts.
Table 1 illustrates activities of the ‘Building with the
Subsurface’ concept in the context of Value Engineering. This
scheme is applied in the following virtual case study, using
actual geological and geotechnical data.
2
2.1

EXAMPLE: FEASIBILITY STUDY OF A ROAD
Preparation phase

A 2x2 lane road is to be constructed in the soft soil area around
Rotterdam Airport (Figure 1). The time available for
construction may be ½, 1 or 2 years, to be decided later.
The study should identify the alignment of the road running
approximately north-south in the 10 km2 area, the whole life
costs and their uncertainty. Whole life costs are the sum of
construction costs of earthworks, drainage and pavement and
costs of subsoil related maintenance. Construction methods will
be selected on the basis of the 90% upper limit of their whole
life cost. Also, the 80% confidence interval of the cost estimate
should be within ±15% of the average value. ‘Uncertainty’ is
thus expressed as the half width of the 80% confidence interval.
2.2

Information Phase

The elevation of the road surface will be 0.5 m above ground
level. The 1:50,000 geological map indicates that the subsoil
consists of 15 to 20 m of Holocene soft peat and clay over
Pleistocene sands. Peat was excavated in part of the area, and
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artesian pressures are present in the underlying Pleistocene
sands. The surface water table is at 0.6 m below ground level.

2.4

Two construction methods will be considered in the study: a
basal reinforced piled embankment and traditional construction,
using prefab vertical drains and a sand fill with temporary
surcharge.
2.5

Evaluation and Selection Phase

The main failure mechanisms identified for the traditional
construction method are: excessive post-construction
settlements and differential settlements, contamination of
surface water and water in the Pleistocene aquifer, damage to
constructions and utility networks. Failure mechanisms for piled
embankment construction include: insufficient end bearing
capacity of the piles, failure of piles or load transfer platform.
Shared failure mechanisms are: instability of embankment
slopes, insufficient bearing capacity of pavements and verges,
and noise and vibration nuisance during construction.
A subsoil hazard is defined as the likely occurrence of a
subsoil phenomenon that promotes failure. Figure 2 identifies
these subsoil phenomena for the project area. This simplified
geological section is redefined in terms that geotechnical
engineers can understand (Baynes, 2005). Table 2 lists the
associated subsoil hazards. On the basis of expert judgement
and local experience both construction methods were
considered feasible, and included in the further process.

Figure 1. Project area with subdivision according to subsoil lithology.

2.3

Creative Phase

Function Analysis Phase

The road administrator demands that post-construction
settlements should not exceed 0.15 m in 30 years, to prevent
differential settlements from compromising driver comfort.
Construction should not create connections between surface
water and the Pleistocene aquifer. The feasibility stage of the
project will not consider relocation of utility networks.

2.6

Development Phase, first stage

A sensitivity analysis was performed to determine which
parameters have the largest contribution to the uncertainty in
whole life costs of the traditional construction method.
Variations of peat thickness, total thickness and unit weight of
the soft layers, compression parameters and consolidation
coefficient account for 95% of the variation of the costs. These
critical parameters were selected for the further study.

Table 1. Activities in a Value Engineering study, applying the ‘Building with the Subsurface’ concept
Value Engineering study

‘Building with the Subsurface’ process

Preparation Phase

Bring together a multidisciplinary team
Create commitment with stakeholders and decision makers
Define output of the study

Information Phase

Collect information on design
Collect geotechnical data

Function Analysis Phase

Collect and analyse data on end user specifications, impacts
on the surrounding area, natural and manmade hazards

Creative Phase

Prepare a long list of construction methods and materials

Evaluation and Selection
Phase

Define failure mechanisms for construction methods
Define and assess subsoil hazards for construction methods
Assess feasibility of construction methods
Prepare a shortlist of construction methods

Development Phase

Define design methods for evaluation of failure mechanisms
Define critical parameters of the subsurface model
Collect all available geological and geotechnical data
Synthetize sets of discrete soil profiles; define average values
and uncertainty of all critical parameters
Perform design calculations for all soil profiles
Analyse the design results in terms of the output of the study
Optimize the design and the construction methods

Acquisition of geological and geotechnical data

Topography, general geomorphology, geology
and hydrology, surface elevation

Presentation Phase

Present the output in maps, 3D models
Select preferred construction methods and materials

Implementation Phase

Update the list of subsoil hazards, define actions for
mitigation of hazards
Present recommendations for later site investigation
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First stage
Data on geology, geotechnical parameters and
hydrology from public sources
Second stage
Local site investigation
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Figure 2. Simplified geological section showing subsoil phenomena
relevant to failure.
Table 2. Subsoil hazard associated with phenomena in Figure 2.
Unit / phenomenon

Subsoil hazard

A. Clay cover / manmade deposits

Differential settlements due to old
surcharges and buried sand filled
channels
Large (post-construction) settlements

B. Peat

Large (post-construction) settlements

C. Mudflat deposits:
sand, silt, clay with
intermediate peat layers

Differential settlements due to buried
sand filled channels
Large (post-construction) settlements

D. River deposits: sand,
silt, clay with
intermediate peat layers

Differential settlements due to buried
sand filled channels
Large (post-construction) settlements

E. Pleistocene river
deposits: sand

Artesian pressure
Varying bearing capacity

F. Buried sand filled
channels

Differential settlements
Contact with Pleistocene deposits;
artesian pressure

Modelling of the lithological variation is based on 76 borings,
96 CPTs and layer boundaries of the GeoTOP 3D geological
model, all obtained from the Dutch national DINO database.
The information density of 10 verticals per km2 is considered
sufficient for compilation of a representative subsoil model, but
will not allow detailed mapping of heterogeneity.
The project area is divided in 4 subareas (Figure 1), each
with a different set of discrete subsoil profiles. Each profile is a
synthetic stack of scenarios for the layers Pleistocene deposits,
river deposits, mud flat deposits, peat and man-made deposits.
The total number of combinations can be huge, because up to 4
scenarios can be identified for every layer. Two hundred
profiles remain for the entire project area after elimination of
improbable or identical subsoil profiles. These profiles represent
the subsoil variation in the area, made accessible for design
calculations with conventional tools. Weighted averages and
standard deviations can be determined, by estimation of the
frequency of occurrence of the profiles.
Figure 3 gives an example of part of the discrete subsoil
profiles synthesized for subarea I. The main difference between
the areas is the peat layer that is thicker in subarea I than in
subareas IIa and IIb, and has been excavated in subarea III. In
subarea IIb the layer is more clayey than in subarea IIa.
Conservative estimates of the geotechnical parameters are
derived from correlations with lithology and inferred volume
weights. Variation coefficients of compression parameters are
estimated at 23%; the consolidation coefficients are assumed to
vary by a factor 2.
Actual CPTs are entered directly in the foundation design of
the piled embankments, rather than synthetic subsoil profiles.
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Figure 3. Part of the synthetic soil profiles for subarea I.

The analyses for the traditional method are performed in batch
using the software MRoad (Venmans et al., 2005), that
combines analytical settlement calculations using an isotache
model with automatic determination of whole life cost. The
standard deviation of the whole life costs is derived by
summation of the variance caused by subsoil heterogeneity and
the variance caused by permutations of the other design
parameters around their average values. The variance caused by
subsoil heterogeneity is reduced for length effects along the
road alignment. Subsoil profiles for the soft layers are assumed
to differ every 50 m. Foundation characteristics of the
Pleistocene sand layer are found to vary over distances less than
20 m in the design of the piled embankment.
Settlements in the traditional method are in the order of
2.20 m in areas I and IIa, with standard deviations of 1 m. In
areas IIb and III the top peat layer is much thinner or missing,
and settlements are smaller, 1.40 m and 1.00 m respectively.
Standard deviations are around 0.30 m.
Post-construction settlements are highly variable in all
subareas, with values up to 0.40 m in 30 years for the traditional
method with 1 year surcharge time. However, the average
values satisfy the design specification of 0.15 m. Uncertainty in
compression parameters and consolidation coefficients is the
main source of the uncertainty in the post-construction
settlements. The post-construction settlements for a surcharge
time of 2 years are smaller than the 0.15 m in all locations.
Table 3 summarizes the results of the cost calculations. The
design of the piled embankment is the same for all areas,
because no systematic trends can be observed in the foundation
characteristics of the Pleistocene sand layer.
Table 3. Whole life costs of 500 m road for different areas.
Cost parameter

I

IIa

IIb

III

Traditional method, 1 year surcharge time
Average

676 k€

659 k€

612 k€

562 k€

90% upper limit

815 k€

816 k€

796 k€

697 k€

21%

24%

30%

24%

Uncertainty

Traditional method, 2 year surcharge time
Average

687 k€

668 k€

588 k€

550 k€

90% upper limit

762 k€

752 k€

646 k€

598 k€

11%

13%

10%

9%

Uncertainty

Basal reinforced piled embankment
Average

1601 k€

1601 k€

1601 k€

1601 k€

90% upper limit

1692 k€

1692 k€

1692 k€

1692 k€

6%

6%

6%

6%

Uncertainty
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The average whole life costs for the traditional method and their
upper limits differ up to 25% between subareas. The average
whole life costs for a 1 year and 2 year surcharge time are more
or less equal. The 90% upper limit is much higher for the 1 year
surcharge time, corresponding to 20 to 30% uncertainty. This
large uncertainty is due to the large uncertainty in maintenance
costs. However, the uncertainty in compression parameters and
consolidation coefficients is the fundamental cause of the
uncertainty in the whole life costs, since maintenance costs are
related to post-construction settlements. The whole life costs for
the piled embankment are much higher than for the traditional
method for this particular case. The difference mainly depends
on the length of the piles and may be smaller in other cases. The
uncertainty in whole life costs of the piled embankment is
limited to 6% and is mainly due to uncertainty in the unit costs
of construction materials.
Generally, uncertainty in the whole life costs is caused by a
combination of uncertainty in the geotechnical parameters, and
the sensitivity of the construction method to this uncertainty.
The contribution of subsoil heterogeneity to the overall
uncertainty is minor. The effects of variations between
individual soil profiles or CPTs are strongly reduced by
averaging along the road alignment.
2.7

Presentation Phase

The traditional method with 2 years surcharge time is the
preferred construction method, based on the 90% upper limit of
the whole life costs. The costs of 500 m road are visualised on a
500x500 m2 grid in Figure 4. The figure also shows the location
of the north-south alignment with the lowest costs. The piled
embankment method will be preferred if the time available for
construction is ½ year or 1 year. The traditional method with 1
year surcharge time is not eligible because of the excessive
uncertainty in the costs.

2.9

Development Phase, second stage

A new data set with CPTs, borings and laboratory data is
obtained for part of area III. The centre-to-centre distance of the
CPTs is approximately 50 m, an increase in data density by a
factor 40. Soil profiles are interpreted directly from CPT
characteristics, and validated with the lithology observed in the
borings. The compression constants determined in laboratory
tests represent a 10% higher compressibility. The consolidation
coefficients are up to 5 times higher compared to the initial
parameter set. The variation coefficient of the new set of
compression parameters is slightly lower at 20%; the variation
in consolidation coefficients varied by a factor 2, as in the initial
parameters set.
The design calculations are performed as in the earlier
phases, for a surcharge time of 1 year. The settlements are 10%
higher than in the initial calculations, the post-construction
settlements are compatible. However, the uncertainty in the
post-construction settlements was reduced from 0.17 m in the
initial calculations to 0.02 m. This is caused by the significantly
higher consolidation coefficients. Consolidation is completed
well within the surcharge time of 1 year in all soil profiles, with
only a small amount of creep compression occurring after
construction. The favourable parameters also allowed a
reduction of surcharge height from 2.50 m to 1.50 m, thus
reducing construction cost.
The average whole life costs for 500 m road are 523 k€, a
7% cost reduction as compared to the initial calculations for
subarea III. The 90% upper limit is 560 k€, representing an
uncertainty in the whole life costs of 7% only.
Based on these results, the traditional construction method
with 1 year surcharge time is the best option for area III.
3

CONCLUSIONS AND RECOMMENDATIONS

The example shows that application of the ‘Building with the
Subsurface’ concept in a Value Engineering study is successful.
The concept can identify construction methods that fulfil all
requirements, achieve cost savings, and increase the reliability
of cost estimates. The method for subsoil modelling on the basis
of synthetic soil profiles can successfully quantify heterogeneity
using the conventional tools of geotechnical engineers.
The uncertainty in cost estimates mainly depends on
uncertainty in soil parameters and the sensitivity of the
construction method to these uncertainties. The cost estimate
appears to depend less on lithological heterogeneity. A data
density of 10 verticals/km2 appears to be sufficient to reduce
uncertainty in cost estimates for the traditional construction
method, even though lithological heterogeneity in the
Rotterdam Airport is high.
Value Engineering studies should include at least one target
parameter related to the uncertainty in cost estimates, rather
than focus on average cost only.
A general data set of compression and consolidation
parameters should be established by systematically collecting
laboratory and field observations, to reduce uncertainty in
geotechnical parameters for feasibility studies.
Figure 4. Whole life costs per 500x500 m2 grid cell and preferred
alignment of road.

2.8

Local site investigation

The project manager decides to perform an additional site
investigation along the alignment shown in figure 4, aiming to
reduce the uncertainty in the whole life costs of the traditional
construction method with 1 year surcharge time. The site
investigation is targeted at reducing the uncertainty in
compression parameters and consolidation coefficient. The
costs of the site investigation campaign are very modest
compared to saving 1 year in construction time.

4
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Subsoil Settlement Feature of Immersed Tube Tunnel in Deep Soft Subsoil with
Heavy Siltation in Open Sea
Caractérisation du tassement sur sol mou de grande épaisseur d’un tunnel tube immergé soumis à
un envasement important en condition de mer ouverte
Xie Y., Zhang S., Zhang H., Liu B.

School of Highway, Chang’an University, Xi’an, China
ABSTRACT: Hong Kong-Zhuhai-Macao Link that crosses the Pearl River Estuary is a connection bridge between Hong Kong,
Macao and Zhuhai, which will improve the communication of these three places in China. The bridge is an oversized cross-sea project
over the east and west coasts of the Pearl River. Relied on the undersea immeresed tube tunnel (IMT) for Hong Kong-Zhuhai-Macao
Link project and focused on the consolidation settlement feature of the subsoil for IMT on deep soft subsoil under the conditions of
large excavation, backfilling and siltation in open sea, a full stress path of subsoil was simulated for the process of compression in
consolidation, unloading in excavation and re-compression in backfilling, by using of Geotechnical Digital Systems with on-site
CPTU test results and the in-situ bored soil sample. Based on these results, the process of subsoil consolidation – excavation – tube
location – backfilling – siltation as well as the re-excavation of channel was simulated by using gotechnical centrifuge, to find out the
settlement feature of the subsoil during and after tunnel construction. The settlement and consolidation feature of the deep soft subsoil
with heavy siltation in open sea was presented.
RÉSUMÉ : La construction de la liaison routière entre Hong-Kong, Macao et Zhuhai est un projet national en Chine, qui concerne
particulièrement de grands ponts au-dessus et d’un tunnel au-dessous de la mer. Dans cet article, à partir de résultats d’essais CPTU
in-situ et d’essais GDS en laboratoire, dans le but de préciser les caractéristiques de tassement et de consolidation de sols mous sousmarins de grande épaisseur soumis à de grandes excavations et à la mise en place d’un tunnel, la procédure complète du chemin de
contraintes “compression de consolidation – décharge par excavation – recharge due aux remblais et au tunnel” appliquées
effectivement pendant les travaux de fondation du tunnel immergé a été simulée. Un essai en centrifugeuse a aussi été effectué afin
d’étudier les caractéristiques de tassement et de consolidation pendant et après les travaux. Les résultats nous permettent de mieux
connaître le comportement de ce type de tassement dans la condition de mise en place d’un tunnel immergé avec un envasement
important.
KEYWORDS: IMT; Settlement; Stress Path; Centrifugal Model
1

INTRODUCTION

The oversized Hong Kong-Zhuhai-Macao bridge which crosses
the Pearl River Estuary, connects Hongkong, Macao and Zhuhai.
The IMT approach was selected to pass LingDing West channel
and TongGu West channel based on the aviation high limit of
Hong Kong International Airport, the proposed channel, and on
site investigation of Hong Kong-Zhuhai-Macao bridge.
The immersed tube tunnel has the characteristics of long
tube, deep water, large silting on tube surface, weak and uneven
foundation, difficult settlement control, stress concentration
near between the island and the tunnel joints and complex
construction process. Generally, Immersed tube tunnel is not
sensitive to soil settlement. But uneven settlement will occur
due to significant change in soil characteristics and load
distribution along the tunnel. The load redistribution will lead to
additional stresses. Thus it is important to estimate the
subsidence quantity for immersed tube tunnel which is made of
brittle concrete materials. Therefore, it is important to study the
soil settlement with resilience-recompression characteristics in
IMT under Hong Kong-Zhuhai-Macao bridge project.
2

THE DEFORMATION CHARACTERISTICS OF IMT
FOUNDATION SOIL BASED ON SIMULATION OF
STRESS PATH

2.1 Soil engineering property and its simulated conditions
In order to study the resilience-recompression characteristics of
IMT foundation soil caused by different load condtions, the
complete stress path of trench soil was simulated by numerical
method and GDS triaxial test with standard stress path to
understand the complete stress path, consolistaion and

compression, and resilience-recompression characteristics.
Through suveries and CPTU data, it was found that the tunnel
foundation has 5 distinctive cross sections. Three sections are
studied in this paper, as shown in Table 1 The distribution
profile of the cross-sectional test points is shown in Figure 1.
The basic engineering properties of the soil are presented in
Table 2.
The whole research process was based on detailed
engineering survey and the CPTU data. Using numerical
simulation of the actual conditions, different characteristics of
foundation soil stress is obtained, and then stress path
simulation test is carried out. Saturated specimen was prepared
based on dry density, which is 39.1mm in diameter and 80mm
in height. First consolidation module K0 was selected, and then
K0 consolidation test was performed. Through the back pressure
volume measurement volume change, the target value of K0
consolidation was stress value from the numerical simulation of
the original stress state. Then take the stress path test module,
simulation consolidation - excavation unloading - backfill
reload - navigation path excavation and unloading. According to
the numerical calculation results, set the stress path module of
each phase of the set target value, then finish stress path
simulation test with these methods. Through the test to obtain
different stress paths condition of modulus of compression、
modulus of resilience and recompression modulus, then the
numerical calculation is carried out again by using these test
modulus. Get new stress characteristics of different foundation
soil. And compare with the original calculation results until the
test results and calculation results are close enough to the
acceptable level.
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ConsolidationExcavation of
the foundation
trenchBackfillingBack silting

Test
conditions

ConsolidationExcavation of
the foundation
trenchBackfillingBack silting

T-E(Waterway
excavation
section)
K10+400～
K10+700
ConsolidationExcavation of the
foundation
trenchBackfillingBack siltingWaterway
excavation

Table2 Physical properties of various soil on natural foundation
The name of soil
C（kPa
φ （°
Buoyant density（
μ
layer
）
）
kg/m3）
Silt
0.43
6.0
2.0
680
Clay and silt clay 0.39
22.0
22.0
940
Clay coarse
0.30
22.0
25.0
900

0

0

100000

p/ Pa
200000

300000

4000

50000

q/ Pa

T-C（Thick soft
subsoil section
）
K9+500～
K9+600

100000
150000
200000

a1
a2
a3
b1
300000
b2
b3
c1
c2
350000
Figure3. Stress path of C sectional test points
250000

0

0

100000

p/ kPa
200000

300000

400000

50000
100000
q/ kPa

Table1 The test scheme
T-B（Deep
Test
groove section
number
）
Mileage
K9+200～
stake
K9+300

150000
a1
a3
b2
c1
c3

200000

Coarse sand

0.30

18.0

32.0

1100

Fine sand

0.35

21.0

33.0

1000

250000

Medium sand

0.32

20.0

34.0

1030

300000

a2
b1
b3
c2

Figure4. Stress path of E sectional test points
0. 0760
＜ 3

Rel at i ve
di spl acement / m

0. 0740

＜ 32

0. 0730

2.2 Rearch results analysis
The stress path figure of GDS stress path simulation test about
different layers of soil stess path at different depths from GDS
stress path simulation tests is shown in Figures 2 to 4.
Based on the compression modulus, modulus of resilience,
recompression modulus and re-springback modulus (waterway
excavation) from test, numerical analysis ground deformation
characteristics of a typical cross-section. The test results is
shown in Figures 5 to 8, where the displacement deformation
values are relative displacement values.
From Figures 5 and 6, in the deep channel section of the
natural foundation, the rebound curve of the bottom of the
foundation trench has an arch-shaped distribution after
excavation ; the rebound of foundation trench center is larger ;
the recompression curve has a saddle-shaped distribution. The
entire tube foundation cross-sectional displacement in the
process of excavation and backfill is relatively small.
p/ Pa

50000

100000 150000 200000 250000 300000

From Figures 7 and 8, in the main channel excavation
section, the recompression and re-springback curve of tube
foundation soil in E section has a saddle-shaped distribution.
And the cross-sectional displacement in the process of backfill
and re-excavation is relatively small. The re-excavation of
channel has limited impact on the uneven settlement
deformation.
The di st ance f r om l ef t sl ope f oot / m
0
10
20
30
40

- 0. 0900
- 0. 0905
- 0. 0910
- 0. 0915
- 0. 0920
- 0. 0925
0 0930
Figure6. Recompression
displacement of the bottom of B section
foundation trench after backfilling

100000
150000
200000
250000
300000

- 0. 0465

a1
a3
b2
c1
c3

0

The di st ance f r om l ef t sl ope f oot / m
10
20
30
40

50

Rel at i ve
di spl acement / m

q/ Pa

50000

0. 0720
Figure5. Springback displacement of the bottom of B section foundation
trench after excavation

Rel at i ve
di spl acement / m

Figure1. Test point distribution

0

The di st ance f r om Lef t sl ope f oot / m
10
20
30
40

0. 0750

＜ 6

0

0

a2
b1
b3
c2

- 0. 047

- 0. 0475
- 0. 048

Figure2. Stress path of B sectional test points

- 0. 0485

Figure7. Recompression displacement of the bottom of E section
foundation trench after backfilling
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0. 021

0

The di st ance f r om l ef t sl ope f oot / m
10
20
30
40

0. 0205
0. 02

0. 0195

Figure8. Re-springback displacement of the bottom of E section
foundation trench after waterway excavation

3

basement, development process of pore water pressure and
vertical rebound recompression displacement of basement
during the test procedure. As shown in Figure 9(S1-S9 are earth
pressure cell; P1and P2 are pore water pressure cell; W1 and
W2 are laser displacement sensor).
High sensitivity strain gauges were mounted on the bottom
and sides of immersed tube in order to measure the strain of
immersed tube during the test process. All above tests data was
automatically collected by DDS data acquisition system.

THE DEFORMATION CHARACTERISTICS OF IMT
FOUNDATION SOIL BASED ON CENTRIFUGE
MODEL TEST

3.1Design and preparation of the model

3.2The arrangement of the measuring points in the model
Earth pressure cell and pore water pressure cell were buried in
the foundation soil (Soil pressure box main layout in the
boundary of different soil layer) and laser shift sensor were
mounted in the top of model box in order to monitor vertical
stress distribution of foundation soil, stress distribution of

Figure9. The layout of pressure cell

3.3 Research results analysis
The stress distribution curve of IMT base groove bottom surface
of B section after construction is shown in Figure 10. The stress
distribution curve with time of IMT base groove bottom surface
of B section within 3 years after the completion of the
construction backfill is shown in Figure 11.
Figure 10 indicates that test results are the same as the
numerical results. The stress distribution of foundation trench
bottom has a saddle-shaped distribution. The basal stress of
IMT’ carriageway is relatively small. While the largest basal
stress value comes from both sides of IMT, and the second
largest basal stress comes from the partition wall. The
difference between the maximum and minimum stress values is
not more than 38 kPa.
Figure 11 indicates that stresses level off after initial
increasesThe stress increment is relatively little, which is about
10kPa.
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Figure10. Stress distribution of the bottom of B section foundation
trench
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Before the experiment, with detailed surveying data numerical
analysis was performed to simulate loading conditions using
modulus from stress path tests. Due to the limition of the
centrifugal box size and the fact that the slope excavation of the
model upper foundation trench is larger than the actual
condition, so immersed tube tunnel foundation was simulated
which was influenced by the difference between the slope
excavation of the foundation trench and actual condition in
centrifugal model test. The model used in the centrifugal
simulation test was verified by comparison analysis. The
centrifuge type is TLJ - 3 geotechnical centrifuge. Its maximum
capacity is 60g · T, the effective radius is 2.0 m and the
maximum centrifugal acceleration is 200 g. The model box size
is 703650 ㎝ 3. The model scale was selected to be 100g
based on the box’s headroom size and the prototype scope of
simulated model. The preparation of the model foundation soil
is controlled by the nature of the prototype foundation soil (See
table 2) and centrifugal similar rate. Every foundation soil
thickness is determined by scaling down the thickness of the
section in corresponding condition according to the geometric
scale. The dry density of cushion layer and coarse grained soil
and the strength parameters of the other soil must be in
aggrement with prototype.
IMT model is the key structure in the test. This test adopts
full section simulation. The high and width of the prototype
IMT is 11.5 m and 40 m. Due to the limitation of test model
height, the height of IMT model must be controlled in 5cm. The
width of IMT section is reduced in proportion accordingly. The
organic glass is used as IMT model materials. The height and
internal dimension of model are controlled by the axial stiffness
EA, bending rigidity EI and pressure stress from immersed tube
to foundation of the prototype. Upper backfill on IMT is
simulated using the steel plate of the same weight. So the height
of the model is effectively reduced. Since the steel plate has
almost no deformation, the deformation of the upper plate can
be directly measured to obtain the sedimentation of IMT in
construction operation.
In natural ground segment of IMT, B section is deep
excavation section; C section is thick clay section and E section
need to excavate a channel after the construction, it involves
excavation unloading problems after the backfill back silting.
Therefore typical cross sectional B, C and E of standard
conditions were simulated in the test. The test of C section with
1 m cushion layer and the most adverse conditions was
conductedto compare with standard conditions experimental
results.
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Figure11. Stress-time distribution of the bottom of B section foundation
trench

The stress distribution curve of IMT base groove bottom
surface of E section after backfilling and channel excavation is
shown in Figure 12.
In Figure 12, the stress distribution of foundation trench
bottom has a saddle-shaped distribution. The basal stress of
IMT’ carriageway is relatively small, both sides of IMT have
maximum basal stress value, and the basal stress of partition
wall have the second largest basal stress. The difference
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between the maximum and minimum stress values is not more
than 52 kPa.
The distance from left slope foot/m
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Figure12. Stress distribution of the bottom of E section foundation
trench

The stress distribution curve of IMT base groove bottom
surface of C section under the standard condition (1.5m cushion)
and non-standard condition (1m cushion), 3 years after
backfilling is shown in Figure 13.
Figure 13 indicates that the basal stress curve of non-standard
condition has large gradient, which means that the basal stress
extremum difference under the non-standard conditions is larger
than the basal stress extremum under standard conditions. 1.5m
cushion is better than 1m cushion in terms of foundation stress
uniformity. For both sides base disengaging of IMT condition,
the center stress of IMT’ base is smaller than the center stress of
IMT’ base under the standard condition. But the basal stress
with voids underneath is significantly higher than the stress
under the standard condition ; the basal stresss close to both
sides of IMT is larger than the stress under the standard
condition. The reason is that because of both sides base
disengaging of IMT, in the overlying loads, backfilling leads to
the cushion bearing loads at the begining, then clay was
squezzed out and underneath voids were formed. Stress
concentration occured at the boundaries of voids b under IMT’
base . Since IMT is of a certain stiffness, the strain of both sides
of IMT will not increase excessively and the basal stress of
void beneath is relatively reduced.
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Figure13. Stress distribution of the bottom of the C section foundation
trench

The typical cross section ground deformation curve with
time, within 3 years after the completion of the construction
backfill is shown in Figure 14.
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Figure14. Settlement curve of the typical cross-section after
construction

From the Figure 14, after construction the amount of base
recompression change is small, and after 3 years the maximum
recompression amount is 0.0407m. The largeest settlement
between each section is about 0.01m.
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CONCLUSIONS

For the special conditions of Hong Kong-Zhuhai-Macao bridge
undersea IMT on Deep Soft Subsoil with Heavy Siltation in
Open Sea, the stress process of IMT foundation soil in different
conditions is simulated by using of Geotechnical Digital
Systems and numerical simulation based on on-site CPTU test
results and the in-situ bored soil sample. The stress path of the
process of the foundation soil consolidation- excavation backfill recompression - waterway excavation are studied. The
deformation characteristics of foundation soil at typical cross
section is simulated by numerical analysis.
Based on these results, a construction simulation was
performed with geotechnical centrifuge for the process of
subsoil consolidation – excavation – sinking IMT – backfilling
– siltation as well as the re-excavation of channel. The results
show that the settlement of IMT foundation soil in construction
and post-construction is smaller. After 3 years of operation, the
foundation cumulative settlement amount on deep channel
section and thick soft clay ground is not more than 0.0407m. In
the process of excavation and backfill recompression, the stress
and settlement distribution of foundation cross-sectional has a
saddle-shaped distribution, and the different deformation value
between foundation cross-sectional and longitudinal section is
small. Waterway excavation has less effect on the stress and
deformation of the IMT foundation soil. Cushion thickness has
a greater impact on the settlement of IMT, and 1.5m cushion
thickness is reasonable.
5

- 300000
- 400000

In the standard condition of C section, 3 years after
construction, the largest settlement is 0.02035m. In the
condition of 1m cushion, the largest settlement is 0.0307m after
construction, which indicates that reduced cushion makes
settlement larger than the settlement of standard conditions.
After the test, the cushion under the standard condition (1.5m
cushion) has no significant change in centrifuge. But under the
non-standard condition (1m cushion), most gravel cushion has
been incorporated into the clay layer in centrifuge after the test,
which blend the part of cushion and clay layer. And the cushion
lost its attempted function, which is also the main reason for the
difference between non-standard conditions and standard
conditions.
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Case Studies of Applicability for Selection of Construction Method for Highway
Underground Crossing Transit on the Deposit soils in Urban Project in Korea
Etude de cas du choix de la méthode de construction pour un croisement souterrain d’autoroute sur
sols meubles dans une zone urbaine en Corée
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ABSTRACT: Recently various types of underground space have been developed steadily in the urban area; construction of new
underground space interfered often with existing facilities and structures above and under ground, and many difficulties during
construction occurred. In the case of underground works maintaining existing facilities, the design standard for selection of
construction method would be needed to build more economical and rational underground crossing structures by removing the
expected problems in advance. Although many trenchless methods of constructing a highway underground crossing have been
developed and used so far, several difficulties in choosing a proper construction method have been encountered with consideration of
characteristics of each construction method and the site condition. The aim of this paper is to discuss the rational guideline for
selecting an appropriate construction method out of many trenchless methods through a case study in Korea, constructing a road
tunnel under a highway at low depth, accounting for the geological conditions stability during construction.
RÉSUMÉ : Récemment divers types d’espaces souterrains ont été développés intensément dans la zone urbaine ; la construction d’un
nouvel espace souterrain a souvent interféré avec des réseaux existants et des structures au-dessus et au-dessous du sol, engendrant de
nombreuses difficultés pendant la construction. Dans le cas de travaux souterrains conservant les facilités existantes, un processus
normalisé pour le choix de la méthode de construction est nécessaire pour construire plus économiquement et rationnellement des
structures de croisements souterrains en éliminant par avance les problèmes attendus. Bien que de nombreuses méthodes de
construction sans tranchées d’un croisement souterrain d’autoroute aient été développées et utilisées jusqu’ à maintenant, plusieurs
difficultés de choix d’une méthode appropriée de construction ont été rencontrées du fait des caractéristiques de chaque méthode de
construction et des conditions du site. L’objet de cet article est de discuter une procédure rationnelle pour choisir une méthode
appropriée de construction parmi de nombreuses méthodes sans tranchée, à partir d’une étude de cas en Corée, consistant en la
construction d’un tunnel routier au-dessous d’une autoroute, prenant en compte les conditions géologiques et la stabilité pendant la
construction.
KEYWORDS: Design standard, Underground passing, Urban project, Highway crossing
1

INTRODUCTION

NATM (New Austrian Tunneling Method) has been widely
used in Korea for tunnel construction. The main feature of
NATM is to utilize all available means to develop the maximum
self-supporting capacity of the surrounding rock or soil itself,
and to undertake investigation and monitoring during
construction to provide the stability of the tunnel. If undetected
worse ground condition is encountered, the strengthening works
will be carried out to ensure safety. In this case study, the
ground at the entrance of tunnel was revealed to be silty sand
contained a lot of core stones during portal excavation, not just
as the weathered and soft rocks as originally predicted before
design. Thus the tunnel face collapsed with water spouting, and
the upper ground surface was also sunk at the same time. The
remediation measures including ground grouting, tunnel
reinforcing and invert lining were then implemented and
completed successfully(Han, 2012).
Recently many problems in the geotechnical engineering
aspect have been raised as various kinds of underground space
have been developed steadily in the urban area. In particular,
for underground space in urban area, construction of new

underground space interfered often with existing facilities and
structures above and under a ground and many difficulties
during construction occurred. In the case of building road or
railway under a ground, maintaining operation of existing
facilities, the design standard for selection of construction
method would be needed to build more economical and rational
underground crossing structures by removing the expected
problems in advance of construction works.
Although many trenchless methods of constructing a highway
underground crossing have been developed and used so far,
several difficulties in choosing a proper construction method
have been encountered with consideration of characteristics of
construction methods and the site conditions. This paper is to
discuss the rational guideline for selecting an appropriate
construction method out of many trenchless methods through
the case study of Gwanggyo Project known as the typical
example of urban project in Korea, designing and constructing
the road tunnel under the highway on the deposit soil at a
relatively low depth of underground. Considering geological
condition, stability during construction, and economic
efficiency, the trenchless method applied to this project is
selected and discussed in this paper.
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2
2.1

SITE SITUATION

Table 2 Distribution ratio on railway construction of
trenchless method in Japan

Status of construction markets

Related to the tunnel market in both Korea and abroad are
carried out using the field test and lab test. Although studies on
the maintaining the standard design of improved items are not
totally carried out, this is not yet enough to present accurate
comparison criteria since it is difficult to standardize the
property of the underground condition and the operation of
work situation in the field.
The promotion of domestic and foreign projects is seemed to
overcome the current business difficulties of the construction
industry in Korea by the slow growth of the domestic market.
The government has shown considerable interests in the
strategic approach of promoting construction projects for
development of trenchless methods.
Table 1 shows the status of construction on railway crossing
tunnel of Japan since 1986 and road tunnels market of Korea
recently in both quality and quantity. As the construction market
works on a cycle in an urban area, the market changes are pretty
good for works of trenchless tunnels. When the construction
cost of trenchless method is increasing as shown, the strength of
technology development will be greater in the future. When the
comparison of both methods is concerned, several construction
methods using trenchless are various according to the changes
of technology methods.

No. of works

Open cut
method

Trenchless
method

47

72

Construction
133million(D)
cost(assumed,$)
223million(F)
* D: Domestic market, F: Foreign market(predicted)

Remarks

<10

Ratio
(%)

48

Length
(m)
Ratio
(%)

Width
(m)
Ratio
(%)
Length
(m)
Ratio
(%)

2.2

Japan
railway
Korea
roads

Table 2 shows the distribution ratio on railway construction
of trenchless method in Japan. According to the width of the
trenchless method, less than 10m is composed of about 50%. It
seems that trenchless methods are applied to mainly small
tunnels. According to the length of the trenchless method,
between 10m and 20m is composed of about 50%, also applied
to mainly small tunnels.
Table 3 shows the distribution ratio on railway tunnel
construction of trenchless method in Korea. According to the
width of the trenchless method, less than 15m is composed of
about 50%. It seems that trenchless methods are applied to
mainly small tunnels. According to the length of the trenchless
method, between 10m and 20m is composed of about 50%, also
applied to mainly small tunnels.
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17

10-20 20-30
39

10

10-20 20-30
49

11

>30
3
30-40

40-50

>50

9

4
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Table 3 Distribution ratio on railway construction of
trenchless method in Korea

Table 1 Status of construction on railway and roads market
Item

Width
(m)

<5

5-10

10-15

15-20

20-25

>25

9

32

26

9

14

10

30-40

40-50

>50

9

6

3

<10
29

10-20 20-30
42

21

Status of Gwanggyo Project

Fig. 1 shows the field status, where Located at the best place of
Gwanggyo Mountain across Suwon city and Yongin city,
Gwanggyo Techno Valley (Project Agency : Gyeonggi Urban
Innovation Corporation) will be the center for the best science
technology, research and culture of the future. The Green
Network System, nature-friendly city planning, will lead to
environment-friendly business park of advanced countries that
links business and residence together in the southern part of
Seoul, Korea. Kyungbu Expressway takes traffic for SouthNorth, Youngdong Expressway for East-West, YoungdeokYangjae Expressway for metropolitan traffic and UiwangGwacheon and national highway 42 & 43 lines for adjacent
areas, by which traffic in the area connects each other. A twolane traffic tunnel was to be constructed under the expressway
where many vehicles pass daily.

Figure 1 Field status in an urban area
The road tunnel construction is the scope to fulfill the
several important criteria of implementing construction projects
in developing regions, including the safety for gaining
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investment profits, the possibility of implementing construction
projects on the gradual basis, the possibility of using the
facilities after the project completion. is the most feasible
method for Korean companies to promote their businesses in the
construction market.
2.3

Status of construction mehods

A 2-lane traffic tunnel was to be constructed under an
expressway where many vehicles pass through 2 conventional
trenchless methods(UPRS, PRS) and PSTM method were used
in the initial design, in which are applied to the structures such
as underpass box #3, #5, underpass #4, Hadong IC ramp,
respectively, in Fig. 2.
Figure 3 Load- deformation curve
The tunnel construction, in which steel pipes are installed to
surround the tunnels, then soil nailing is placed at face to retain
the ground as temporary retaining system, follows excavation.
H-beams are installed and cement milk is injected into the pipes
to support the ground, and finally shotcrete is sprayed, and the
concrete inner linings are casted (Kim, D., 2012).
3

Figure 2 Location map of construction methods
The former is Upgrade Pipe Roof Structures, which is
interconnected to steel pipes to propel the pipe through
guidance rail in direct type. Pipe Roof Structures method means
that it is interconnected to steel rods in steel pipes to be filled
with reinforced concrete inside the pipes by strengthening
lateral stiffness. The latter is Pressurizing Support Tunneling
method, in which applies the pressure larger than the magnitude
of the relaxed earth pressure around excavated area to the
ground so that radial deformation occurred during excavation
can be recovered.
In addition, temporary structural system for a trenchless
method was introduced. This structural system is a type of
hybrid member (STS method, Steel Tube Slab method)
consisting of mortar-filled steel tubes laterally connected by
headed reinforcements without disruption of the surface.
However, before the excavation was started, it is included a
very thin overburden thickness of 0.9 m. The road construction
under highway is the area to fulfill the several important criteria
of implementing construction projects in an urban area(Kim, D.,
2012).
On geotechnical condition, weathered ground is more than
30m thick under the upper highway. Fig. 3 shows the shape of
the load-deformation curve in tunnel, in which IE indicates the
support pressure of support installed at D in conventional tunnel
methods and its corresponding radial deformation at final stage
is OI, while as support pressure increases to I’E’, resulting in
decrease of radial deformation to OI’ (Daemen, 1977).

RESULTS OF MONITORING

To minimize the inconvenience at existing equipment operation,
many trenchless methods have been developed and used much.
Existing trenchless methods insert stiff structure (rectangular
type pipes or circular type pipes) to lower part under the ground
in order to protect existing roads or structures before excavation
of tunnels. These stiff structures are assembled each other in the
lateral direction. And then, the lower part of this stiff structure
will be excavated. These kinds of existing method are
developed from the concept which huge inserted steel pipeconcrete structures control the displacement by supporting the
overburden load. To minimize the displacement, and to
increase the stiffness of existing structures, the structures are
becoming larger and larger to be many obstacles. These
obstacles are concerned with excavating and grouting the
foundation, excavation delay on hard foundation, waste of work
costs which is caused by excessive section, and long period of
construction (Han, 2012).
It should be noted that another tunnel was constructed by a
conventional trenchless method right next to the tunnel by
PSTM. As shown in Table 4 and Figure 4, a couple of faults
were created and significant ground settlement up to 30 cm
occurred in the area where the conventional method was used,
due to pipe jacking and excavation under construction (Kim, D.,
2012).
Table 4 Comparison of ground displacement(settlement)
Method
PSTM
Other

Under excavation
(Max, mm).)

After excavation
(mm)

Remarks

24.0

1.0

Measured

2.15

0.88

Calculated

49.7

35.0

Measured

As the time elapses in Figure 4, the actual ground
displacement state of tunnel was more than predicted in design.
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Korea since the government launched plan in 1996. However,
as large market share of design and work volume are becoming
hot item in construction sites. To measure the efficiency of
global design standard-based system for the improved system
by assessing domestic design projects using information about
equipment, quality, and new technology adoption from case
projects of highway crossing tunnels including modifying
design standard.
5

(a) Underpass box #3

(b) Hadong IC-Ramp
Figure 4 Location map of construction methods

4

CONSIDERATIONS OF DESIGN STANDARD

If the highway crossing tunnel on weathered deposit soil is
evaluated unsafe, it should be redesigned to improve the safety.
To perform proper evaluation regarding some purposes and
methods, evaluating methods of tunnel safety should be
compared. Settlement, displacement, stability are not enough to
be evaluated for tunnel stability according to Tunnel Design
Criteria in Korea (MLTM of Korea,2007; Bjorn, 2011).
Therefore, coded techniques of the information of trenchless
tunnel should be introduced considering above contents of
construction types and evaluation methods in manuals as in
Table 5. For more detailed maintenance, information of tunnels
should be filed through the coded numbers of structure types
and locations, design and construction conditions, geotechnical
data, tunnel section, settlement, safety inspection, etc.
Table 5 Coded techniques of tunnel construction
Items
Code
Detailed items
Geological
L-G-1
Geotechnical data
investigation
L-G-2
Drainage etc.
L-G-3
Standard related
Design
L-D-1
Analysis, Planning
L-D-2
Stability of structure
L-D-3
Design drawings, etc.
Excavation
L-E-1
Excavation equipments
L-E-2
Monitoring
L-E-3
Ground settlement
L-E-4
Unstable condition
L-B-5
Soil layers , etc.
Construction
L-C-1
Support
L-C-2
Concrete lining
L-C-3
Reinforcement, etc.
Operation &
L-O-1
Facilities
maintenance
L-O-2
Slope around bell mouth
L-O-3
Safety inspection
L-O-4
Monitoring, etc.
Design standard-based system of trenchless tunnel, which is
defined as single source responsibility for design and
construction, has been widely used in large public works in
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CONCLUSIONS

In this study, a case history of the underground trenchless
tunnel for the highway crossing in urban area of Korea is
reviewed. Several points were summarized form the case
history as the following.
The actual ground state of tunnel was worse than predicted
in design. The remediation measures included ground and
tunnel reinforcing by grouting method and reinforced grouting
method, respectively, and invert constructing using steelreinforced concrete lining, particular in highway crossing tunnel.
Existing trenchless methods insert stiff structure
(rectangular type pipes or circular type pipes) to lower part
under the ground in order to protect existing roads or structures
before excavation of tunnels.
Design standards of newly developed trenchless tunnel
technology have to specify retainment of history files of
structures, coded system of failure types of structures, reliability
analysis for geotechnical data determination. Owing to change
of design considerations according underground condition,
revising contents of design guidelines of tunnels should be
followed after comparisons of design manuals for other upper
and lower structures, such as foundations, concrete structures,
retaining walls, etc.
6
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ABSTRACT: The New Austrian Tunnelling Method (NATM) has been adopted extensively as the method of tunneling in Iran. In this
study, some numerical models were developed using three-dimensional Finite Element software to analyze behaviour of the east
portal of the Niayesh road tunnel that is being constructed in Tehran, with the width of about 14 meters and the height of about 11.5
meters. Stability and performance analyses carried out for initial conditions, during and after construction conditions.
The Eastern portal of the north tunnel located under a reinforced soil slope that is loaded under 4 to 6 story buildings and streets
vehicles. Regarding condition of the entrance of the east portal, the pile system in addition with NATM stage construction for tunnel
has purposed to stabilize portal area. This procedure of design was controlled by monitoring results which provided by several
settlement points on the surface of the highway and some convergence stations placed in the initial lining of the tunnel.
RÉSUMÉ : La Nouvelle Méthode Autrichienne (NATM) a été adoptée largement comme méthode de creusement de tunnel en Iran.
Dans cette étude, des modèles numériques ont été développés en utilisant un logiciel par éléments finis en trois dimensions pour
analyser le comportement du portail Est du tunnel de l'autoroute Niayesh qui se construit à Téhéran, de largeur environ 14 mètres et
hauteur environ 11,5 mètres. Des analyses de stabilité et de performance ont été effectuées pour les conditions initiales, pendant et
après construction.
Le portail Est du tunnel Nord est situé sous une pente en sol renforcé chargé par des immeubles de 4 à 6 étages et des véhicules dans
les rues. Concernant la condition de l'entrée du portail Est, un système de pieux associé à une construction par étapes par la méthode
NATM a été utilisé pour stabiliser la zone du portail. Cette conception a été contrôlée par les résultats d’une instrumentation
comprenant plusieurs points de tassement à la surface de l'autoroute et des stations de convergence placées dans le revêtement initial
du tunnel.
KEYWORDS: Urban tunnels, NATM, Numerical modelling
1

INTRODUCTION

The project site is located at Tehran. Geotechnical studies have
been performed to recognize subsurface layer conditions and to
assess the geotechnical parameters. It should be noted that, there
is a need to take into account the stability of the portal in the
entrance of the tunnels. The main scope of this study is to
analyze the stability of the portal of north tunnel-Eastern adit.
The demand for more travel facilities in major cities has led
to a significant increase in the interest in development of
underground rail or road systems in Iran. The new Austrian
tunnelling method (NATM) has often been applied for
construction method of many tunnels in alluvial ground. The
NATM is a technique in which ground exposed from excavation
is temporarily supported by shotcrete as the lining (Sauer and
Gold 1989). Outstanding flexibility of NATM is the main
advantage of this method over conventional tunnelling
techniques. In this method many different support techniques
can be adopted to deal with various ground conditions.
Produced ground deformations due to urban tunnels is very
important, because urban tunnels are surrounded by highways,
buildings, installations and lifelines that are sensitive to
deformations.
Ground deformations can be evaluated using numerical
analysis methods such as finite element and finite difference. In
spite of the widespread use of numerical analysis, most of the
analyses used are mainly two-dimensional (2D) analyses that
cannot consider for 3D situations such as entrance ramp and

tunnel portal. Another issue is the modelling of the forepoles
that cannot be considered in 2D modelling. Steel pipe forepoles
are often used to bridge the unsupported gap as the tunnel face
advances. Its action is longitudinal and therefore cannot be
captured by a 2D analysis modelling just the tunnel section.
Considering a NATM tunnel as a case study, this paper tries
to illustrate how 3D numerical analyses can be applied to
stability analysis and to foresee the ground settlement.
2

PROJECT SPECIFICATION

The Niayesh parallel twin tunnels that are located in Tehran,
connect the crowded Niayesh and Sadr highways. The north
tunnel is excavated by the NATM and oval cross section with a
height of about 11.5 m and a width of about 14 m at the eastern
portal. The north tunnel at the eastern portal is located under a
reinforced soil slop that is abut 4 to 6 storey buildings and
streets.
Regarding project specifications 1 [m] diameter reinforced
concrete piles were performed in vicinity of buildings and
tunnel entrance. As it shown in figure 1, two lanes bored
concrete piles used with 2.5 [m] spans. Stability analyses
carried out for initial conditions and during and after
construction conditions.
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NUMERICAL ANALYSES

3.1

SP21
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Softwares

Numerical analyses have performed by 3D finite element
software released by Plaxis company. Plaxis3D Tunnel is a
finite element package specifically intended respectively for the
analysis of deformation and stability in tunnel projects.
The NATM construction progress were modelled by stepped
construction phases. In the applied performance method, after
excavation of each stages, a 15 cm reinforced shotcrete layer,
supported with lattice elements, will cover the excavated
surface as an initial lining. The well-known Hardening-Soil
model (Schanz et al. 1999) was used to model the soil layers.
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3.2

Input parameters

Regarding 3 dimensional tools, Plaxis3D Tunnel can be used to
analyze some non-planar problems. Therefore, eastern portal of
the north tunnel is modelled by Plaxis3D Tunnel.
Construction stages are simulated in analyses and
geometry of slope and material parameters were considered
similar to analysis conditions described below.
The soil parameters assigned as presented in table 1. Soil
nails and forepoles are modelled by geogrid elements and initial
lining elements are modelled by plate elements. Geogrids are
with normal stiffness but no bending stiffness. They can only
sustain tensile force and no compression and plates are
structural elements with bending and axial stiffness. The most
important parameters of plates are flexural rigidity (bending
stiffness) EI and axial stiffness EA.
Character of all the plate elements used as a interior
temporary beam element which removed during the
construction stages applied as internal lattice that presented in
table 2 and characters of all of the plate elements used to model
initial lining of the tunnel, including 15 cm reinforced shotcrete
and steel lattices, applied as external lattice.

Figure 1. Plan of Niayesh east portal - north tunnel

Table 2.Structural element properties
Element

Figure 2. Section A-A, (see Figure 1)

Based on the field and the laboratory test results, subsurface
conditions are described as follows:
Generally, filling material can be found to El. +1480 that is
about 2 meter above tunnel. Beneath the filling soil layer, soil
profile is composed of dense sandy gravels and dense clayey
gravels, both contains silt and clay material. Table 1 shows the
geotechnical properties of different soil materials.
Table 1.Geotechnical parameters of different layers
Elevation

To +1480

Cohesion (kg/cm2)

+1480 to
+1475

Under
+1475

0.2

0.3

0.32

0.3

0.3

35

35

35

Natural density (gr/cm )

1.8

1.9

1.9

Young’s Modulus (kg/cm2)

600

650

650

0.1

Poisson Ratio ν
Frictional Angle (·)
3

EA (KN/m)

EI (KN.m2/m)

Internal lattice

5.3E6

1.4E4

External lattice

7.4E6

3.8E4

In this section, the results of the short-term stability and
performance analysis of the north tunnel under the reinforced
slop are presented. The model geometry was established
according to the project specifications. Considering the adjacent
buildings, the distributed load of 6000 kg/m2 is applied and
2000 kg/m2is applied for the highway that abuts under the slop.
At the location of the portal, the north tunnel will be
constructed in minimum depth of 7 m under toe of the
reinforced slop. Regarding the stages of the construction of the
tunnel, the staged construction applied in the numerical
modelling.
In staged construction right top and bottom drifts, as it is
shown in figure 3, are removed after left top and bottom drifts,
respectively. All the stages are followed by placing initial lining
elements on excavated soil face.
It should be noted that in the 3D model the portal is
excavated before tunnel construction.
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Figure 3. Stages of construction

3.3

Figure 5. Settlements monitoring points

Analyses results

In the first models, factor of safety for stability of the reinforced
slop, before any excavations, was analyzed. According to
analysis, the safety factor of 1.44 is obtained.
Right drift clusters are removed by two steps after removing
left side clusters. Numerical analyses resulted vertical
settlements up to about 44 millimetres obtained.
Figure 4 presents final vertical deformations, for after
construction conditions, considering 4 steps for removing the
soil clusters according to the construction. As it shown, the
maximum settlements is about 44 [mm] and it accured under the
foundation of the 6-storey bulding, while the factor of safety
after construction is 1.39.

Figure 6 shows the monitored settlements during and after
construction together with the 3D model results.

Figure 5. Settlements from monitoring and modeling

Figure 4. After construction settlements

The construction has performed and the settlements were
monitored parallel to the tunnel construction from several
settlement points on the 6-storey building and some
convergence station in the initial lining of the tunnel. Figure 5
presents location of settlements monitoring point around the
6-storey building.

According to analysis for after construction condition, the
maximum vertical deformations of foundation of 6-storey
building are about 44mm.
The maximum in-situ monitored settlement on the 6-storey
building was less than 27 [mm] just after construction
completion which smaller than models results.
As shown in Figure 5, the maximum settlements from
modeling results are greater than the monitoring results. The
settlements obtained from numerical modeling are greater for all
construction stages after full balancing of out-of-balance forces
for each stage.
4

CONCLUSIONS

The numerical analyses have performed by using 3D finite
element software to control performance and stability of the
tunnel. Regarding 6-story building and the reinforced slop upon
the tunnel, settlement of ground surface, was considered the
main concern of ground performance.
Monitoring results shows that the maximum settlement of
the building’s foundation was about 27 [mm] just after
construction completion which is smaller than the numerical
results.
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5

The maximum deformations and the safety factors obtained
from the finite element analysis by 3D models are summarized
in table 3.

This work was accomplished with the support of Pazhoohesh
Omran Rahvar Consulting Engineers Co.

Table 3. Analyses results for after construction.
Stages
Initial lining of left drift top
Initial lining of left drift bottom
Initial lining of right drift top
Initial lining of right drift bottom

Factor of
safety
1.32

Max settlement
[mm]
20.6

1.45
1.30
1.39

27.3
43.8
44.3

6

As shown in the table 3 the factor of safety for all stages during
construction are acceptable. According to the Plaxis3D analyses
the maximum settlement of the 6-storey building after
construction is about 44 mm and the final factor of safety is
about 1.39.
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